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CHAPTER 1 

DYNAMIC STIFFNESS OF PILES IN LIQUEFIABLE SOILS 

 

 

 Because they frequently cross bodies of water such as rivers, streams, and lakes, highway 

bridge foundations are often supported on fluvial and alluvial soil deposits that contain loose, 

saturated sands and silty sands.  These deposits are generally weak and/or soft enough that deep 

foundations are required to support the bridge without excessive settlement or without damage 

due to phenomena such as erosion and scour.  In many cases, bridges are supported on groups of 

driven piles; in some cases, drilled shaft foundations may be used to support bridges.  These 

foundations extend through relatively shallow deposits of loose soil to derive their support from 

deeper and/or denser soils. 

In seismically active environments, loose, saturated soil deposits are susceptible to soil 

liquefaction.  Liquefaction is a process by which earthquake-induced ground shaking causes the 

buildup of high porewater pressure in the soil.  As the porewater pressure increases, the effective 

(or intergranular) stress decreases.  Because the strength and stiffness of a soil deposit depend on 

the effective stresses, the strength and stiffness of soils subject to liquefaction can be reduced.  

The level of the reduction may be modest, or it may be considerable.  In cases of very loose soils 

subjected to strong earthquake loading, the strength and stiffness of a liquefiable soil deposit 

may decrease to a small fraction of their original values. 

As the stiffness of liquefiable soil changes, the resistance it can provide to the movement 

of foundation elements supported in it also changes.  As a result, the stiffness of foundations 

supported in or extending through liquefiable soils will change during earthquake shaking.  

Because the structural response of a bridge depends on the stiffness of the bridge foundation, 

accurate estimation of structural response depends on accurate estimation of foundation stiffness.  

Therefore, the reliable design of new bridges or seismic evaluation of existing bridges requires 

accurate characterization and modeling of foundation stiffnesses.   

In liquefiable soil conditions, characterization of foundation stiffness requires prediction 

of free-field soil response (response of the soil in the absence of a foundation) and prediction of 

soil-pile interaction behavior.  Because the liquefaction process is complicated, and the 
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interaction between soil and deep foundations is also complicated, characterization of pile 

foundation stiffness in liquefiable soil has been a difficult problem for geotechnical engineers.   

 

Background 

 In conventional bridge design/analysis, foundations and the soils that support them are 

replaced by discrete springs.  The springs may be linear or nonlinear, although linear analyses 

are more commonly used than nonlinear analyses.   

 To simplify the process of evaluating the stiffnesses of foundations for foundation types 

and soil conditions commonly encountered in Washington state, the Washington State 

Department of Transportation (WSDOT) contracted with Geospectra of Pleasanton, California, 

to develop a series of procedures and charts for estimating pile stiffness.  These procedures and 

charts were presented in a Design Manual for Foundation Stiffness Under Seismic Loadings 

(Geospectra, 1997).  This document will be referred to as the “Manual” in the remainder of this 

report.   

 The Manual included procedures and charts for estimating the stiffness of deep 

foundations in liquefiable soil conditions.  The Manual noted that these procedures were based 

on a series of assumptions that greatly simplified a complicated process and, therefore, were very 

approximate.  Improved understanding of the process of soil liquefaction and of soil-pile 

interaction, and the development of improved procedures for modeling these phenomena, offer 

the opportunity to improve the accuracy and reliability of procedures for evaluating the stiffness 

of deep foundations in liquefiable soils. 

 

Purpose of Research 

 The purpose of the research described in this report was to develop and verify improved 

methods for estimating the stiffness of deep foundations in liquefiable soils, to use those methods 

to improve the procedures for rapidly estimating pile foundation stiffness presented in the 

Manual, and to develop computational tools that allow evaluation of pile foundation stiffness for 

more general conditions than those considered in the Manual.  The scope of the research 

included the following tasks: 
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1. Review and interpret available literature on the dynamic stiffness of piles in 

liquefiable soils.  This literature would include descriptions of case histories, 

analytical studies, and experimental investigations such as the centrifuge tests 

conducted at the University of California at Davis. 

 

2. Introduce a simple, plasticity-based constitutive soil model into the WPM.  The 

selected constitutive model would be one whose parameters could be obtained 

from standard geotechnical tests. 

 

3. Use FLAC to investigate the effects of cyclic mobility on dynamic p-y behavior.  

Develop improved p-y relationships that account for the effects of cyclic mobility 

in liquefiable soil surrounding a pile. 

 

4. Add the capability of attaching a single- or multiple-degree-of-freedom structure 

to the top of the pile in the WPM.  This would extend the WPM to allow 

consideration of inertial as well as kinematic soil-structure interaction. 

 

5. Perform parametric analyses to compute effective pile stiffness and damping 

parameters.   Analyses would be performed for a set of actual liquefiable soil 

profiles as functions of the parameters that control the liquefaction potential of the 

soil.   

 

6. Investigate the bending moment and shear response along the length of the pile.  

Recommendations for estimating the relative contributions of inertial forces and 

forces due to subsurface soil movement would be developed. 

 

7. Develop charts that express the stiffness and damping coefficients as functions of 

the previously determined parameters.  These charts would allow designers to 

easily determine stiffness and damping coefficients that account for the effects of 

liquefaction and cyclic mobility.  The charts would be accompanied by a 

description of the limitations of their applicability. 
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8. Prepare a final report that summarizes the results and recommendations of the research.  

The report would include user's guides for all software developed during the project. 

 

Organization 

 This report is organized in eight chapters.  Chapter 2 presents a brief description of soil 

liquefaction and the procedures used to evaluate its likelihood.  Chapter 3 describes previous 

research that has been performed on the stiffness of pile foundations in liquefiable soil.  The 

development of an improved method for evaluating the free-field response of liquefiable sites is 

described in Chapter 4.  Improvements to the Washington Pile Model (WPM), and verification of 

those improvements, are presented in Chapter 5.  The use of the improved free-field and soil-pile 

interaction models to evaluate pile stiffness in liquefiable soils is described in Chapter 6.  

Chapter 7 presents a short primer on the use of the WPM  and related programs.  Final 

conclusions and recommendations for future research are presented in Chapter 8. 
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CHAPTER 2 

SOIL LIQUEFACTION 

 

 

Soil liquefaction has been responsible for tremendous amounts of damage in historical 

and recent earthquakes.  Its occurrence in loose, saturated sands such as those commonly 

encountered near rivers, lakes, and bays causes it to have a significant impact on many bridge 

structures.   

Usually, pile foundations are used to mitigate the effects of liquefiable soils.  When used 

in such situations, however, the piles must be carefully designed to account for the presence of 

the liquefiable soil.  Liquefaction can influence well-designed pile foundations in two primary 

ways: (1) by changing the stiffness of the foundation, and (2) by imposing lateral loads along the 

length of the piles.  Both of these factors can be important. 

The purpose of this short chapter is to review the most commonly used procedure for 

evaluating liquefaction potential and, particularly, to describe recent developments in the 

understanding of liquefaction soil behavior.  These topics have been used to develop the model 

for liquefiable soil upon which the subsequently described pile stiffness procedures are based. 

 

Terminology 

The investigation of liquefaction phenomena over the years has been marked by the 

inconsistent use of terminology to describe various physical phenomena.  In recent years, 

engineers have recognized that much of the confusion and controversy regarding liquefaction 

resulted from terminology.  In some cases, one word (e.g., “liquefaction”) was used to describe 

different physical phenomena.  In other cases, one physical phenomenon was described by 

different terms.  The purpose of this section is to explicitly define several terms that will be used 

throughout the rest of this report.  The terms of primary interest are as follows: 

1. Flow liquefaction – a phenomenon that occurs when liquefaction is triggered in a soil 

whose residual strength is lower than that needed to maintain static equilibrium (i.e., 

static driving stresses exceed residual strength).  Flow liquefaction only occurs in loose 

soils with low residual strengths.  It produces extremely large deformations (flow slides); 
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the deformations, however, are actually driven by the static shear stresses.  Cases of flow 

liquefaction are relatively rare in practice but can cause tremendous damage. 

2. Cyclic mobility – a phenomenon in which cyclic shear stresses induce excess porewater 

pressure in a soil whose residual strength is greater than that required to maintain static 

equilibrium.  The phenomenon of cyclic mobility is often manifested in the field in the 

form of lateral spreading, a process in which increments of permanent deformations build 

up during the period of earthquake shaking.  These deformations, which can occur in 

relatively dense as well as loose soils, can range from small to quite large. 

3. Initial liquefaction – a condition in which the effective stress in the soil at least 

momentarily reaches a value of zero (pore pressure ratio, ru = 100%).  The stiffness of the 

soil is typically extremely low at the point of initial liquefaction, but tendencies to dilate 

keep the shear strength from reaching a value of zero. 

4. Phase transformation – a process in which the behavior of a liquefiable soil changes 

from contractive to dilative (or vice versa).  Loose and dense soils may exhibit phase 

transformation, showing contractive behavior at low stress ratios and dilative behavior at 

high stress ratios. 

5. Liquefaction curves – in the early days of liquefaction evaluation, liquefaction resistance 

was commonly evaluated with laboratory tests in which cyclic loading was applied to 

triaxial or simple shear test specimens.  The results of these tests were often expressed 

graphically by liquefaction curves that showed the relationship between cyclic stress ratio 

and the number of cycles that occur before initial liquefaction. 

 

Initiation of Liquefaction 

The potential for initiation of liquefaction is commonly evaluated by comparing a 

measure of liquefaction loading with a consistent measure of liquefaction resistance.  The 

measure most commonly used in practice is cyclic stress amplitude.   
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Loading 

In conventional liquefaction analyses, the loading applied to an element of liquefiable 

soil is expressed in terms of the cyclic stress ratio, CSR, which is defined as the ratio of the 

equivalent cyclic shear stress, τcyc, to the initial vertical effective stress, σ’vo. 

 

σ

τ
'
vo

cycCSR =  

 
The equivalent cyclic shear stress is generally assumed to be equal to 65 percent of the peak 

cyclic shear stress.  In a procedure commonly referred to as the “simplified method,” the peak 

cyclic shear stress is estimated from the peak ground surface acceleration and a depth reduction 

factor, rd, which represents the average rate of peak shear stress attenuation with depth.  In the 

simplfied method, therefore, the cyclic stress ratio is defined as 

 

 rg
aCSR d

vo

v

σ
σ

'
max65.0=  

 
The factor 0.65 was arrived at by comparing rates of porewater pressure generation caused by 

transient earthquake shear stress histories with rates caused by uniform harmonic shear stress 

histories.  The factor was intended to allow comparison of a transient shear stress history from an 

earthquake of magnitude, M, with that of N cycles of harmonic motion of amplitude 0.65 τmax, 

where N is an equivalent number of cycles of harmonic motion.  If N is obtained from Figure 2.1, 

the porewater pressures generated by the transient and harmonic shear stress histories should be 

generally equivalent. 

 

Resistance 

 Liquefaction resistance is also typically expressed in terms of a cyclic stress ratio, 

although that ratio is now commonly referred to as the cyclic resistance ratio, CRR.  The cyclic 

resistance ratio is defined as the cyclic stress ratio that just causes initial liquefaction.  The cyclic 

resistance ratio is typically determined as a function of two parameters – penetration resistance 

and earthquake magnitude.   
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Figure 2.1  Variation of number of equivalent cycles with earthquake magnitude 

 

 As indicated previously, early procedures for evaluating liquefaction potential 

determined liquefaction resistance from the results of laboratory tests.  Subsequent investigations 

showed that laboratory test results were significantly influenced by a number of factors, such as 

soil fabric, that could not be reliably replicated in laboratory test specimens.  As a result, it is 

now most common to relate cyclic resistance ratio to corrected Standard Penetration Test 

resistance, i.e., (N1)60.  Youd and Idriss (1997) recently proposed a graphical relationship 

between CRR and (N1)60 (Figure 2.2).  This graphical relationship is appropriate for M7.5 

earthquakes – correction factors for other earthquake magnitudes have been proposed by various 

researchers (Figure 2.3). 

 

Evaluation 

 The potential for initiation of liquefaction in a particular earthquake is usually expressed 

in terms of a factor of safety against liquefaction.  The factor of safety is defined in the usual 

way—as a ratio of capacity to demand.  In the case of liquefaction, the factor of safety can be 

expressed as 
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Figure 2.2.  Relationship between cyclic resistance ratio and (N1)60 for Mw = 7.5 earthquakes. 

 

 
Figure 2.3.  Magnitude scaling factors. 
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Factor of safety values of less than 1.0 indicate that initial liquefaction is likely.  Note that this 

factor of safety does not distinguish between flow liquefaction and cyclic mobility, and it 

provides no information on post-liquefaction behavior. 

 

Liquefaction and Cyclic Mobility 

 Because flow liquefaction generally occurs only in very loose sands, its occurrence is 

quite rare in comparison to cases of lateral spreading and foundation deformation.  When piles 

extend through liquefiable sands, the vibrations and displacement associated with pile 

installation will typically produce enough densification that flow liquefaction is unlikely in the 

immediate vicinity of the piles.  As a result, pile-soil interaction problems are much more likely 

to be influenced by cyclic mobility than by flow liquefaction.  The mechanics of cyclic mobility 

are described in the following paragraphs. 

 Cyclic mobility occurs when a saturated element of sand is subjected to cyclic shear 

stresses superimposed upon static shear stresses that are lower than the residual strength of the 

element.  It is most easily illustrated by considering the response of an element of soil beneath a 

level ground surface.  In such a case the static shear stresses are zero so flow liquefaction is 

impossible.  When an element of such soil is loaded cyclically, it exhibits a tendency to contract, 

or compress.  Under saturated conditions, this tendency for contraction results in an increase in 

porewater pressure.  The effective stress, therefore, decreases and the soil becomes softer.  The 

first few cycles of a cyclic simple shear test on an element of loose, saturated soil are shown in 

Figure 2.4.  Note that the mean effective stress, p’, has decreased with each cycle, and that the 

tangent shear modulus, Gt (the slope of the stress-strain curve), has decreased as the effective 

stress has decreased. 

This type of behavior has been observed in cyclic laboratory tests for the past 40 years.  

Increasing numbers of cycles lead to increased porewater pressure, decreased effective stress, 

and decreased stiffness.  If a sufficient number of loading cycles are applied, initial liquefaction 

will occur.  The number of loading cycles required to reach initial liquefaction depends on the 

amplitude of loading, as indicated in Figure 2.5.  Higher loading amplitudes produce initial 

liquefaction in smaller numbers of cycles than lower loading amplitudes. 
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Figure 2.4.  First few cycles of cyclic simple shear test on Nevada Sand (Dr = 90%; CSR = 0.25): 

(a) stress-strain behavior, and (b) stress path behavior. 
 

 
 

Figure 2.5.  Relationship between cyclic resistance ratio 
and number of cycles that occur until initial liquefaction. 

 

 As initial liquefaction is approached and after it has been reached, the nature of the soil 

behavior changes.  These changes are reflected in the shapes of the stress-strain loops and in the 

shape of the stress path.  These changes have been observed for many years, but they have only 

been studied in detail for the past 5 to 10 years.  Consider the stress-strain and stress path curves 

shown in Figure 2.6.  Porewater pressures increase relatively steadily until p’ drops below a 

value of approximately 60 kPa.  Beyond this point, each cycle of loading produces pore 

pressures that both increase and decrease (and p’ values that correspondingly decrease and 

increase).   
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Figure 2.6.  Results of complete test on Nevada Sand test specimen (same specimen as indicated 

in Figure 2.4).  (a) stress-strain behavior, and (b) stress path behavior. 
 

Figure 2.7 shows a single cycle of this test, beginning from the point at which the stress 

path crosses the q = 0 axis (Point A).  As q increases, p’ decreases, thereby indicating contractive 

behavior.  The tangent shear modulus also decreases.  As q approaches Point B, (i.e., as the 

stress ratio, η, approaches ηcv), the degree of contractiveness decreases (i.e., dp’/dq becomes less 

negative).  When the stress path reaches η = ηcv, the soil is neither contractive nor dilative 

(dp’/dq = 0).  As q continues to increase so that η > ηcv, the soil becomes dilative (dp’/dq > 0).  

It continues to dilate as long as q increases.  When a shear stress reversal occurs (Point C), the 

soil immediately becomes contractive again with increasing porewater pressure (decreasing p’); 

the soil remains contractive until the stress ratio reaches the condition η = -ηcv, at which point it 

becomes dilative.  As the mean effective stress, p’, increases and decreases, the tangent shear 

modulus, Gt, also increases and decreases. 

The volume change tendencies of the soil clearly change from contractive to dilative 

when η = ηcv.  This condition plots as a straight line projecting through the origin in stress path 

space; the line marking the boundary between contractive and dilative response was termed the 

phase transformation line (PTL) by Isihara (1985).  Recognition and quantification of the phase 

transformation line has led to significant improvements in the modeling of liquefiable soil 

behavior.  Any model that hopes to capture the response of liquefiable, or potentially liquefiable, 

soils must explicitly model the phase transformation process. 
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Figure 2.7.  (a) Stress-strain and (b) stress path plots for a single cycle of cyclic simple shear test 

(same specimen as indicated in Figure 2.4). 
 

The manner in which the stiffness of the soil changes when the stress ratio is just below 

or above the phase transformation line will have an important effect on the response of pile 

foundations embedded in that soil.  In particular, the rate of stiffening as the soil dilates above 

the phase transformation line will strongly influence pile displacements in a liquefied soil.  Some 

data on this aspect of liquefiable soil behavior are currently available, but more are needed.  

Laboratory-based investigations of this type of behavior are under way at several universities, 

including the University of Washington. 

 

Summary 

 Soil liquefaction is a complex phenomenon about which much as been learned in recent 

years. Relatively simple, empirical procedures are available for evaluating liquefaction potential, 

but these procedures provide only estimates of whether liquefaction is expected to occur.  They 

provide no direct information about the effects of liquefaction, which are controlled largely by 

the strength and stiffness of the liquefied soil. 

 Accurate estimation of the stiffness of piles in liquefiable soils requires careful attention 

to the stiffness of the soil before, during, and after the initiation of liquefaction.  In particular, 

pile stiffness estimates should consider the contractive/dilative response that occurs above and 

below the phase transformation line. 
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CHAPTER 3 

PREVIOUS WORK 

 

 

The stiffnesses of foundation systems has been a topic of interest in soil dynamics for many 

years.  The design of foundations supporting vibrating machinery, for example, requires 

consideration of foundation stiffness to limit the vibration amplitude of the equipment and/or the 

vibration amplitudes of the surrounding area.  Because the amplitudes of such vibrations are 

typically small, procedures based on analyses of linear, elastic (or viscoelastic) continua have been 

used to estimate foundation stiffnesses. 

Earthquakes often impose high levels of loading on foundations.  These high loads can 

produce foundation deformations of sufficient amplitude to involve nonlinear and inelastic oil 

response.  As such, closed-form continuum solutions are not generally applicable.  The degree of 

nonlinearity involved in liquefaction problems is very high, so prediction of soil and pile response 

requires numerical analysis. 

This chapter provides a brief review of past work related to the prediction of the stiffness of 

pile foundations in liquefiable soil.  It also describes the basis for the pile stiffness values presented 

in the Manual. 

 

Case Histories of Liquefaction-Induced Pile Damage 

The damaging effects of soil liquefaction on pile foundations and the structures they support 

have been observed in past earthquakes and reproduced in laboratory model tests.  A brief review 

of some of these observations helps to illustrate the phenomena involved and to identify the 

important aspects of soil and foundation behavior that must be considered in a foundation stiffness 

analysis. 

Pile foundations can be damaged not only by excessive loads transmitted to the pile head 

from the structure, but also by non-uniform lateral soil movements.  Such soil movements, through 

soil-pile interaction, induce bending moments and shear forces in piles.  The damaging effects of 

lateral soil movements on pile foundations are well documented from past earthquakes. In most of 

the cases involving lateral spreading, the majority of the observed pile damage can be attributed to 

the horizontal loads applied to the piles by the laterally spreading soil.  Such damage has been 
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observed in several past earthquakes such as the 1964 Niigata earthquake (Figure 3.1), the 1964 

Alaskan earthquake (Figure 3.2), and the 1995 Hyogo-ken Nambu earthquake (Figure 3.3). 

 

 

 

Figure 3.1.  Schematic illustration (left) and photograph (right) of piles damaged by lateral 
spreading in the 1964 Niigata earthquake. 

 

 
Figure 3.2.  Buckled railroad bridge between Portage Junction and Seward, Alaska.  A total of 92 

highway bridges were severely damaged or destroyed, and 75 railway bridges were 
moderately to severely damaged (McCulloch and Bonilla, 1970). 
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Figure 3.3.  Damage to pile foundation in 1995 Hyogo-ken Nambu earthquake. 

 

Softening of pile foundations in liquefiable soils, in combination with forces caused by soil 

movements, has caused substantial damage to bridges.  The Showa River bridge (Figure 3.4) 

suffered the collapse of multiple spans in the 1964 Niigata earthquake.  In the 1995 Hyogo-ken 

Nambu earthquake in Kobe, Japan, a span of the Nishinomiya bridge (Figure 3.5) fell to the 

ground; the fact that the distance between the supports was shorter than the length of the fallen span 

indicates that the foundation stiffness was low enough to allow large dynamic deflections and/or 

rotations of the pile foundations supporting the bridge. 

 

 
Figure 3.4.  Showa River bridge following 1964 Niigata earthquake. 
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Figure 3.5.  Nishinomiya Bridge following 1995 Hyogo-ken Nambu earthquake. 

 

 

Experimental Research 

Investigation of the mobilization of resistance to foundation movement, i.e,. the 

development of foundation stiffness, requires measurement of the seismic response of well-

instrumented foundations.  Because it is generally impractical to instrument a full-scale foundation 

and then wait for strong earthquake ground motions to occur, the acquisition of quantitative data on 

foundation stiffness generally requires the use of model testing.  Model testing is typically 

performed on shaking tables, either free-standing (1 g) or within geotechnical centrifuges. 

 

Centrifuge model testing 

Soil-pile interaction tests were recently performed with a servo-hydraulic shaking table on 

the 9-m radius centrifuge at the University of California at Davis (Wilson, 1998).  Five flexible 

shear beam containers with different soil-structure configurations (Csp1, Csp2, Csp3, Csp4, and 

Csp5) were tested at a centrifugal acceleration of 30 g. In all cases, the soil profile consisted of two 

horizontal soil layers, a lower layer of dense Nevada sand (Cu = 1.5, D50 = 0.15 mm), and an upper 

layer of either medium-dense Nevada sand (Csp1 and Csp3), loose Nevada sand (Csp2), or 

normally consolidated reconstituted San Francisco Bay Mud (Csp4 and Csp5). Structural models 

included single pile  and pile group-supported structures.  A layout of a typical model is shown in 

Figure 3.6.  
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Figure 3.6.  Schematic illustration of single-pile test setup in U.C. Davis centrifuge (after 

Wilson et al., 2000). 
 

Each model configuration was subjected to up to 15 simulated earthquake events. Each 

event was a scaled version of a strong motion accelerogram from Port Island (Kobe earthquake) or 

UC Santa Cruz (Loma Prieta earthquake), with some slight modifications in their frequency 

contents.  The events were applied with successively increasing input motion amplitudes. 

The upper layer in Csp1, Csp2, and Csp3, consisted of saturated loose to medium dense 

sand, i.e., liquefiable soils. The recorded pore pressure time histories showed a buildup of excess 

porewater pressure punctuated by occasional sharp drops in excess porewater pressure, which were 

accompanied by a nearly instantaneous increase in soil stiffness. The sharp reductions in pore 

pressure also coincided with sharp peaks in the acceleration time histories. These observations 

suggested that phase transformation phenomena (soil dilation at large shear strain) had taken place.  

Analyses of the pile bending moment and superstructure acceleration time histories showed 

that the peak bending moments at shallow depths were strongly correlated to the inertial loads from 

the superstructure, while kinematic loads from the soil profile had a significant effect on bending 

moments deeper in the soil profile.  

In addition, the studies at Davis attempted to back calculate p-y curves from the data 

collected in the tests. Pile displacements were calculated by double-integrating the recorded 

distribution of pile curvature along the length of the pile.  The distribution of pile lateral resistance 

was obtained by double-differentiating the recorded bending moment distribution with respect to 
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depth. The method of weighted residuals was adopted to preserve the order of smoothness of the 

original interpolation of the discrete data.   Examples of the back calculated p-y curves are shown in 

Figure 3.7.  The effects of phase transformation behavior on p-y behavior are clearly illustrated in 

the p-y curves with relatively high displacement amplitudes.  In these curves, the unit soil 

resistance is very low when the pile is near its initial position (i.e., when y is small), but it then 

increases rapidly with increasing pile displacement as the soil surrounding the pile dilates. 

 

 
Figure 3.7.  Back calculated p-y curves from centrifuge pile-soil interaction tests 

(after Wilson et al., 2000) 
 

This attempt at determining the actual p-y behavior is an important step in developing an 

improved understanding of the interaction between piles and liquefying soil.  However, many more 

tests are needed to provide sufficient data to reliably replace current p-y curve definition 

methodologies.  

 

Shaking table model testing 

Soil-pile interaction has also been investigated by means of shaking table model testing.  

Because of similitude considerations, shaking table tests may be more appropriate for cohesive 

soils than for liquefiable sands.  However, shaking tables allow the testing of larger models with 

more extensive instrumentation schemes. 



 20 

Meymand (1998) performed a set of soil-pile interaction tests using the large shaking table 

operated by U.C. Berkeley.  A shear-flexible container (Figure 3.8a) was constructed for the 

purpose of these tests; the container consisted of a laterally flexible but radially stiff cylinder 

consisting of a ¼-inch-thick neoprene membrane reinforced circumferentially with a series of 2-

inch-wide Kevlar bands spaced at approximately 4 inches on center.  The container was filled with 

a cohesive soil deposit into which model piles were inserted (single piles and pile groups). 

The results of the shaking table tests were used to validate numerical predictions of soil-pile 

interaction and to provide experimental data on p-y behavior.  Back calculated p-y curves are 

shown in Figure 3.8b.  The results of these tests showed that the experimentally observed p-y 

behavior was consistent with that predicted by common p-y curve development procedures for 

cohesive soils.  This behavior, however, is considerably less complex than that exhibited by 

liquefiable soils. 

 

 

Figure 3.8.  Shaking table soil-pile interaction tests: (a) test setup, and (b) back calculated p-y 
curves (dashed lines represent API recommended p-y curves for monotonic loading).  After 

Meymand (1998). 
 

 

Analytical Research 

For design and hazard evaluation purposes, it is necessary to predict the stiffness of deep 

foundations in liquefiable soils.  Such predictions are typically calculated with numerical analyses, 

which can range from relatively simple to quite complex.  The more simple analyses involve 
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simplifying assumptions regarding the behavior of the soil, the behavior of the pile, and the 

interaction between the two.  Their primary advantages are that these analyses are relatively easily 

performed and that their input parameters are readily available to the practicing engineer.  The 

disadvantage is that they may not accurately represent the physics of the problem; this deficiency 

may prevent identification of failure/damage mechanisms that can exist in the field.  The more 

complicated analyses have the potential for more accurate response predictions, but their results 

may be sensitive to input parameters that cannot be easily or reliably determined.  The challenge to 

the engineer is to find a procedure that balances accuracy with practicality. 

The soil-pile-superstructure interaction (SPSI) problem can be decomposed into three 

primary components: 

• Free-field response analysis – evaluation of the dynamic site response in the absence of any 

structural or foundation elements. The free-field analysis provides time histories of soil 

displacement, velocity, acceleration, stiffness, and porewater pressure – at the ground 

surface and with depth.  

• Kinematic interaction analysis – evaluation of the dynamic response of the pile foundation 

in the absence of inertial forces from the superstructure, i.e., the response that would occur 

if the superstructure were massless. The kinematic interaction analysis predicts the pile 

motions (and pile bending moments, shear forces, etc.) caused by the ground motion itself.  

• Inertial interaction analysis – evaluation of dynamic response of the superstructure given the 

stiffness of the foundation.  This analysis also allows determination of the loads that the 

superstructure imposes on the pile foundation.  

 

The above decomposition of the SPSI problem does not imply that these steps must be 

performed separately, even though this may be the case in practice. Complete analysis (a/k/a direct, 

or fully coupled analysis) accomplishes the evaluation of SPSI in one step. This approach is 

computationally expensive, and the number of variables involved may be prohibitively large for a 

meaningful parametric study or for preliminary design calculations. Currently, few computer codes 

are available for such direct analysis, especially when consideration of nonlinear soil behavior 

under strong seismic excitation is required. On the other hand, the decoupled analysis method has 

certain advantages over the direct approach, such as efficiency in computation, availability of 

computing tools, and accumulated empirical knowledge. It is also very common, in decoupled 
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analyses, to combine the problems of kinematic interaction and inertial interaction in one analysis. 

In the following sections, selected analytical approaches to SPSI analysis are briefly reviewed. 

 

Horne (1996) 

Previous research at the University of Washington (Horne, 1996, Horne and Kramer, 1998) 

adopted a one-dimensional, decoupled procedure to analyze the dynamic behavior of pile 

foundations in liquefiable soils.  The decoupled approach was used to allow the free-field response 

from any one-, two-, or three-dimensional site response analysis program to be used as input to the 

soil-pile interaction analysis.  The primary purpose of this work was to develop tools for evaluating 

the effects of lateral spreading on pile foundations. 

 

Free-field response analysis 

Free-field response was computed using the one-dimensional site response analysis 

program, WAVE (Horne, 1996). In WAVE, the incident seismic waves were assumed to be 

vertical, i.e., to consist of vertically propagating SH waves.  Nonlinear, inelastic soil behavior was 

modeled with user-specified backbone curves and the Cundall-Pyke unloading-reloading rules.  

Excess porewater pressure generation was modeled with a modified version of an energy-based 

pore pressure model (Nemat-Nasser and Shokooh, 1979). The backbone curves were developed 

from published modulus reduction curves extended, when necessary, to large strains with a 

hyperbolic function that was asymptotic to the backbone curve at the limiting strains defined by the 

modulus reduction curve and to the limiting shear strength of the soil.  The resulting one-

dimensional, nonlinear wave propagation equations were solved with a second-order accurate, 

explicit finite difference technique.  WAVE can be used for level-ground and slightly sloping sites.  

 

Kinematic pile response analysis 

A one-dimensional soil-pile interaction model was developed for dynamic pile-soil 

interaction analysis. The pile was modeled as a dynamic Beam-on-Nonlinear-Winkler-Foundation 

(BNWF). The BNWF model was coupled to the free-field with a nonlinear rheologic model 

composed of near-field and far-field elements arranged in series (Figure 3.9). Nonlinear p-y curves 

were used to characterize the displacement-dependent stiffness of the near-field model; inelastic p-y 

response was governed by the Cundall-Pyke law.  The radiation damping model proposed by 
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Nogami et al. (1992) was adapted for the far-field. Excitation was provided by the free-field 

displacements and velocities generated by WAVE. Degradation of p-y curves with increasing 

excess pore pressure was also considered. The model was coded in the soil-pile interaction analysis 

program, DYNOPILE (Horne, 1996). 

 

 

 

Figure 3.9.  Schematic illustration of soil-pile interaction model 
(NF = near-field element; FF = far-field element). 

 

The site response model and soil-pile interaction model were applied to well-documented 

case histories to verify the model is effectiveness at analyzing pile foundations in laterally 

spreading liquefiable soils.  With slight modifications, however, DYNOPILE could be used to 

evaluate the stiffness of single piles. 

 

Wu and Finn (1997) 

Wu and Finn (1997) developed an approximate method for nonlinear, three-dimensional 

analysis of pile foundations. The method is illustrated in Figure 3.10. In this study, reduced three-

dimensional equations were used to describe the soil surrounding the piles; the equations were 

solved for the response of the piles, including kinematic and inertial interaction. 
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Figure 3.10.  Illustration of model considered by Wu and Finn 

(1997). 

 

The method assumed that the soil was excited solely by vertically propagating shear waves 

and that the dynamic response was governed by shear waves in the x-y and y-z planes, and by 

compressional waves in the y-direction.  By relaxing some of the conditions associated with a full 

three-dimensional analysis, the computing time could be substantially reduced.  The piles were 

modeled by using ordinary Eulerian beam theory. Bending of piles occurred only in the y-z plane.  

The procedure models gapping by specifying a tensile strength for the soil (normally zero for sand).  

The interface between the pile and soil, however, is not explicitly modeled, so no relative 

displacement between the two can occur.  The procedure was coded in the quasi-three-dimensional 

finite element program PILE3D (Wu and Finn, 1997). Eight-node brick elements were used to 

represent the soil, and two-node beam elements were used to model the piles.   

To verify the reasonableness of the assumptions, a frequency domain solution was 

developed.  This solution agreed well with the response predicted by theoretical solutions for single 

piles and pile groups. 

The method was then extended to nonlinear response by using a hybrid equivalent linear 

approach.  This approach used the Wilson-θ method to integrate the equations of motion in the time 

domain.  In the hybrid approach, the duration of the earthquake was divided into a number of time 
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intervals (which could be considerably longer than the computational time step) within which all 

properties were held constant.  At the end of each interval, the properties were updated on the basis 

of the peak strain level during that interval.  Rayleigh damping was used. 

PILE3D was used to analyze the seismic response of a single pile and a four-pile group in a 

centrifuge test conducted at the California Institute of Technology. For both cases, the computed 

time-history of bending moments and maximum bending moments obtained by PILE3D agreed 

well with the measured pile bending moments.  

This model can produce time-dependent stiffness and damping factors for single piles and 

pile groups.  It is a total stress analysis, however, and cannot model the generation and 

redistribution of porewater pressure that controls the behavior of liquefiable soil. 

 

Lok et al. (1998) 

Lok et al. (1998) developed a fully-coupled, one-step model for soil-pile-superstructure 

interaction analysis. The coupled formulation incorporates the Beam-On-Nonlinear-Winkler-

Foundation (BNWF) model for the SPS system and a 2-D solid element with equivalent linear soil 

properties for the free field site response analysis. Figure 3.11 shows a schematic illustration of this 

model.  

 

 
Figure 3.11.  BNWF model of Lok et al. (1998). 

 

The model was implemented in the two-dimensional finite element program GeoFEAP.  In 

GeoFEAP, the nonlinear p-y springs are presented by seven linear elastic-perfectly-plastic springs 
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in parallel. A damper can be placed in parallel with the nonlinear p-y spring (parallel radiation 

damping), or alternatively, be placed in series with the p-y spring (series radiation damping). Lok et 

al. point out that this form of coupled analysis has certain advantages over the uncoupled approach. 

First, the kinematic response of the system can be fully considered, which is especially beneficial 

when the stiffness of the piles (or pile groups) significantly affects the overall soil response. 

Second, the coupled analysis may overcome the drawback of the uncoupled analysis, which could 

introduce spurious high frequency noise from the applied input motion.  

The performance of the analytical model was verified by simulating the measured response 

from one of eight seismic centrifuge experiments conducted on piles in soft clay in a small 

centrifuge at UC-Davis. The proposed coupled model agreed well with test results in the maximum 

structural spectral acceleration and frequency response.  This model did not consider the effects of 

pore pressure generation and the phase transformation behavior of liquefiable soils.  

 

GeoSpectra Manual 

The Manual prepared by GeoSpectra (1997) presents simple procedures for estimating 

foundation stiffnesses of typical bridge foundations in the State of Washington for three different 

ground shaking levels (PGA values of 0.2 g, 0.3 g and 0.4 g).  The Manual presents normalized 

stiffness curves for all six degrees of freedom (three translational and three rotational) for 19 

standard foundation scenarios generated from seven standard soil profiles and six typical pile 

foundation configurations. The scenarios are considered to represent many of the typical bridge 

foundations in the State of Washington.  

To generate the stiffness charts, one-dimensional, equivalent linear site response analyses 

were performed for all soil profiles and for three shaking levels (0.2 g, 0.3 g, and 0.4 g) with the 

computer program SHAKE. SHAKE provided strain compatible, free-field soil properties 

(damping, secant stiffness and shear wave velocity), which accounted for the cyclic degradation of 

soil properties due to nonlinearity effects. The input motion was the 1949 Olympia Earthquake, 

which was fitted and scaled to match the target spectra.  

Two of the seven standard foundation scenarios included liquefiable soil.  Soil profile S5 

consisted of 10 ft of loose, saturated sand overlying 50 ft of soft organic silt, which was underlain 

by dense sand.  Soil profile S7 consisted of 10 ft of dry medium dense sand overlying 40 ft of 

loose, saturated sand, which was underlain by dense to very dense glacial deposits.  The Manual 
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presents stiffness curves for one foundation type (P5) in soil profile S5 and two foundation types 

(P1 and P4) in soil profile S7.  Because foundation type P5 has a 10-ft-thick footing (pile cap) that 

extends to the bottom of the liquefiable layer, its stiffness is not influenced by the interaction 

between piles and liquefiable soils.   

For the two remaining cases that involve pile foundations extending through liquefiable 

soil, the procedure for evaluation of foundation stiffness was as follows: 

 

1. Compute the horizontal, rocking, and coupled (horizontal-rocking) stiffnesses of 

single piles using the computer program COM624 (Reese and Sullivan, 1980).  

Apply a series of increasing loads/moments to evaluate the displacement/rotation 

dependence of the stiffness terms.  The potentially liquefiable soils were treated 

as cohesive soils with cohesion values equal to the estimated (but unspecified) 

residual strengths of the liquefied soil. 

2. Compute the vertical stiffnesses of single piles using the computer program 

GROUP.  Apply a series of increasing loads/moments to evaluate the 

displacement dependence of the vertical stiffness. 

3. For foundation type P4 (a pile group), compute the pile group interaction factors 

using the finite element computer program SASSI (Lysmer et al., 1981). 

4. Compute the horizontal and vertical pile group stiffnesses as the product of the 

single pile stiffness, the number of piles in the group, and the pile group 

interaction factor. 

5. Calculate the rocking and torsional stiffnesses of the pile group using the vertical 

and horizontal single pile stiffnesses, respectively. 

6. Add the stiffnesses of the pile cap to that of the pile or pile group to obtain the 

total foundation stiffness as a function of foundation deflection. 

 

This approach involved a number of simplifying assumptions that, in light of recent 

improvements in the understanding of liquefiable soil behavior and pile-soil interaction, could lead 

to inaccurate estimates of the stiffnesses of pile foundations in liquefiable soil.  In particular, the 

approach does not account for the following: 
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1. The dynamic nature of the problem – the single pile stiffnesses are based on static 

analyses with constant loads and constant soil properties. 

2. The time-dependent buildup of porewater pressure in the soil – this influences the 

free-field motion and also the p-y behavior of the soil, which will change over the 

duration of an earthquake. 

3. The occurrence of cyclic mobility – dilation-induced spikes in stiffness can lead 

to pulses of high acceleration and, potentially, to increased bending moments and 

shear forces after initial liquefaction has occurred. 

4. Differences in “liquefiable” soils – the Manual implicitly assumes that all 

liquefiable soils are alike and treats them in a highly simplified manner with 

unspecified properties. 

5. High impedance contrasts – high impedance contrasts can lead to increased 

dynamic response and increased kinematic loading on pile foundations. 

6. Sloping ground conditions – the Manual assumes level-ground conditions and 

therefore does not account for lateral soil movement (lateral spreading) that can 

influence foundation stiffness and also induce significant kinematic loading in the 

pile.  

 

These deficiencies call into question the accuracy of the stiffnesses presented in the Manual 

for soil profile S7.  Note, however, that they all relate to the determination of single pile stiffness.  

The pile group interaction factors and pile cap stiffnesses are not significantly influenced by these 

deficiencies.  Therefore, their effects can be eliminated by replacing the single-pile stiffness curves 

presented in the Manual with curves based on more accurate analyses. 

 

Discussion 

 A great deal of research has been conducted on the dynamic response of pile foundations.  

Relatively little of that research, however, has focused on the stiffness pile foundations in 

liquefiable soils, although several recent experimental studies provide data that help illustrate that 

aspect of foundation behavior. 

 A number of case histories of earthquake-induced damage to pile foundations in liquefiable 

soils can be found in the literature, and several of the most significant were described in this 
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chapter.  These case histories show the potentially damaging effects of liquefaction on pile 

foundations and illustrate the complex nature of soil-pile interaction in liquefiable soils.  Because 

these case histories involved no instrumentation, they do not allow detailed quantitative analysis of 

the soil and pile response.  

Improved understanding of the behavior of piles in liquefiable soils, however, has come 

from model tests, particularly those conducted with geotechnical centrifuges.  While such tests, and 

the interpretation of their results, are complicated, tests conducted to date indicate that experimental 

p-y behavior reflects many known aspects of liquefaction behavior.  The tests show that pile-soil 

interaction is influenced by the dynamic response of the soil and the dynamic response of the pile, 

and by the density of the soil.  Back calculated p-y curves show that the relatively high initial 

stiffness is reduced by the generation of excess porewater pressure, but also that p-y stiffness can 

increase at large pile displacements in a manner similar to that associated with phase 

transformation-induced stiffening of soils.   

Improved capabilities for modeling the response of liquefiable soils and of soil-pile 

interaction are also now available.  Improved constitutive models can better represent the behavior 

of liquefiable soils, including such important phenomena as pore pressure generation, stiffness 

degradation, and phase transformation behavior.  Improved soil-pile interaction analyses can also 

be performed, including nonlinear, inelastic soil resistance (p-y behavior), pore pressure-induced 

softening, and radiation damping.  Coupling the improved constitutive models with nonlinear site 

response analyses and improved soil-pile interaction analyses offers the opportunity for more 

accurate prediction of the response of pile foundations in liquefiable soil, including more accurate 

prediction of the stiffness of pile foundations in such soils. 

The GeoSpectra Manual provides a means for rapid estimation of bridge foundation 

stiffness in soil conditions commonly encountered in Washington state.  The stiffnesses presented 

in the Manual are based on numerous analyses of idealized soil profiles; the developers of the 

Manual made a number of simplifying assumptions.  Because the problem of pile stiffness in 

liquefiable soils is considerably more complicated than that for non-liquefiable soils, the 

simplifying assumptions must be carefully considered.  A careful review of these assumptions 

revealed that recent improvements in liquefaction and soil-pile interaction modeling can eliminate 

the need for many of them and lead to more accurate estimation of the stiffnesses of pile 

foundations in liquefiable soils.   
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CHAPTER 4 

FREE-FIELD RESPONSE ANALYSIS 

 

 

Several numerical tools are available for nonlinear site response analysis of level and/or 

slightly sloping sites. Among them, the one-dimensional ground response analysis tool WAVE, 

originally developed at University of Washington (Horne, 1996) has been recently used to study 

lateral spreading in liquefiable soils. Its original version includes a modified version of the energy 

model proposed by Nemat-Nasser and Shokooh (1979) to simulate pore pressure generation, and a 

backbone curve to characterize the nonlinear stress-strain behavior of the soil under initial loading. 

The backbone curve is further softened in proportion to the square root of the effective stress. In 

addition, the pore pressure development is limited to a value that produces a specified residual 

strength at large strain levels. 

Recent records of seismic site response and a large body of experimental research, including 

cyclic laboratory tests, shake table tests, and centrifuge tests, suggest a strong influence of soil 

dilation at large cyclic shear strain excursions (phase transformation behavior). Such dilative 

behavior can result in significant regain in shear stiffness and strength. The direct consequence of 

the increase in shear resistance is the associated instances of pore-pressure reduction and 

appearance of spikes in acceleration records. Cyclic loading may result in a pattern of cycle-by-

cycle accumulation of permanent strain increments, each ending with a stress spike. The energy 

model used in WAVE is unable to model this important aspect of soil behavior under cyclic 

loading; therefore, it can only give an approximate estimation of pore pressure generation, dynamic 

cyclic stress-strain behavior, and the magnitude of lateral spreading deformations. 

To accommodate these drawbacks, and to more realistically simulate lateral spreading and 

liquefaction, a simple plasticity-based constitutive soil model, UWsand, was developed. With 

appropriate calibration, the soil model is capable of modeling the phase transformation behavior of 

cohesionless soils. Furthermore, the model parameters can be obtained from standard geotechnical 

tests. The model has been implemented into the original version of WAVE. The modified version 

of WAVE was used as the tool to compute the free-field response presented in this report. 

This chapter describes the basic formulation of the UWsand model, its calibration, its 

implementation into the WAVE ground response code, and the validation of the resulting model. 
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 UWsand Soil Model 

The UWsand soil model was developed to provide a constitutive model that could represent 

the actual behavior of liquefiable soils, including phase transformation behavior, and be calibrated 

using information that is commonly available to practicing geotechnical engineers.  For liquefiable 

soils, this information is typically limited to measures of soil density and penetration resistance.  

UWsand is a one-dimensional model, i.e., it assumes that particle motion occurs in a single plane.  

This assumption is valid for most cases of site response analysis and is commonly made in 

geotechnical earthquake engineering practice. 

The UWsand model, like other constitutive models, consists of three primary components – 

a yield function, a hardening law, and a flow rule.  The forms of each of these components were 

selected in a practical manner and are described in the following paragraphs.  Details of the 

development of the UWsand constitutive model may be found in Li (2000). 

 

Yield function 

The yield function describes the stress conditions at which plastic strains begin to develop.  

For the UWsand model, the yield function is assumed to be described by a straight line passing 

through the origin of stress space.  In other words, yield occurs at a particular stress ratio, η = q/p’.  

The yield function is shown graphically in Figure 4.1. 

 

 
Figure 4.1.  Schematic illustration of yield function for 

UWsand constitutive model. 
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Hardening law 

After the yield surface has been reached, the stiffness of an element of soil will decrease, 

i.e., the soil will exhibit nonlinear stress-strain behavior.  This aspect of soil behavior has been 

studied extensively and characterized with respect to equivalent linear modeling.  Nonlinearity can 

be characterized in different ways; Figure 4.2(a) shows a stress-strain curve (“backbone curve”) 

with a particular state of stress marked with a point.  The stiffness of the soil at Point A can be 

described by a tangent shear modulus, Gtan, which describes the stiffness of the soil at that 

particular strain level, or by a secant shear modulus, Gsec, which is more representative of the 

average stiffness along that loading path.   

 

 

Figure 4.2.  Illustration of relationship between (a) backbone curve and 
(b) modulus reduction curve. 

 

In the equivalent linear approach to soil response analysis, nonlinearity is approximated by 

iterative adjustment of a secant shear modulus; the adjustment takes place until the secant shear 

modulus used in a particular iteration is consistent with the strain induced in the element.  The 

analysis itself is a linear analysis, but the tendency for soil to become softer at higher strain levels is 

modeled in an approximate manner.  Modulus reduction curves are typically obtained from the 

results of laboratory tests.  Compilations of laboratory test results have led to the development of 

standard modulus reduction curves for different types of soil (e.g., Dobry and Vucetic, 1987; Sun et 

al., 1988; Ishibashi and Zhang, 1993). 

In the equivalent linear model, the variation of secant modulus with shear strain amplitude 

is described by a modulus reduction curve (Figure 4.2b).  The modulus reduction curve can be 

determined directly from a backbone curve, and vice versa.  This means that an expression for the 
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plastic shear modulus, which represents the hardening law, can be developed directly from a 

modulus reduction curve.  In the UWsand model, the hardening law is assumed to be consistent 

with the Seed-Idriss upper bound modulus reduction curve, which has been shown in recent testing 

to be consistent with the nonlinear response of clean sands. 

 

Flow rule 

The relative amplitudes of the deviatoric and volumetric strain increments produced by 

deviatoric and volumetric stress increments are controlled by the flow rule.  Because sands exhibit 

coupling between deviatoric stresses and volumetric strains (and volumetric stresses and deviatoric 

strains) exhibited by sands, the flow rule must be of a non-associative form.  The flow rule is a 

critical component in the development of a constitutive model that is capable of representing phase 

transformation behavior. 

In the UWsand model, the flow rule is written in such a way that the plastic volumetric 

strain component is 0.0 when the effective stress path is on the PTL, i.e., when η = ηcv.  With the 

UWsand flow rule, the plastic volumetric strain is negative (contraction) when η < ηcv, and positive 

(dilation) when η > ηcv (Figure 4.3). 

 

 
Figure 4.3.  Schematic illustration of flow rule for UWsand model. 

 

 

Stress reversals 

As the soil is loaded monotonically from its initial state, the stress-strain behavior follows 

the backbone curve.  When a stress reversal occurs, the inelastic behavior of soil causes the stress-

strain curve to unload along a different curve (Figure 4.4).  This inelastic behavior must be captured 



 34 

by the constitutive model. A simple approach is to assume that elasto-plastic deformations occur 

immediately after stress reversal and to use loading and unloading paths that follow certain “rules,” 

which can be verified and calibrated by laboratory results. Many loading-unloading models are 

available. Among them, the Cundall-Pyke model (Pyke, 1979) is particularly straightforward and 

easily implemented.  

 

 
Figure 4.4.  Schematic illustration of loading-unloading behavior of UWsand model. 

 

According to the Cundall-Pyke hypothesis, a stress reversal causes loading (or reloading) to 

occur on a path given by a scaled version of the original backbone curve. The origin of the scaled 

curve is translated to the point of reversal.  The Cundall-Pyke hypothesis differs from the Masing 

criteria in that the scaling factor can take on values that vary between 0 and 2 (the scaling factor is 

always equal to 2 in the Masing criteria).  The scaling factor is assigned a value that will produce 

shear stresses equal to the shear strength if monotonic loading is carried to large strains after 

unloading.  In the UWsand model, the Cundall-Pyke hypothesis is applied to the plastic shear 

modulus. 

 

Undrained analysis 

The UWsand model is an effective stress model whose basic formulation implies drained 

loading conditions.  Under undrained conditions, total volumetric strain increments are assumed to 

be 0.0 or, more specifically, equal to the volumetric strain associated with the bulk modulus of the 

pore fluid.  For each stress increment, an incremental change in porewater pressure is computed 
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from the incremental volumetric strain, the bulk modulus of water, and the soil porosity.  Drained 

analyses can be performed by assigning a very low value to the bulk modulus of the pore fluid. 

 

Examples 

Figures 4.5 and 4.6 illustrate the response predicted by the UWsand model for an element of 

soil with (N1)60 = 5 and a mean effective stress of 101 kPa. Two forms of loading are applied. One 

(Figure 4.5) is symmetric (τstatic = 0, τcyc = 10 kPa) and the other (Figure 4.6) is asymmetric (τstatic = 

5, τcyc = 10 kPa).  Note that the cyclic stress amplitude is the same for both cases. 
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Figure 4.5.  Response of UWsand model to 
symmetric loading on soil with (N1)60 = 5. 

Figure 4.6.  Response of UWsand model to 
asymmetric loading on soil with (N1)60 = 5. 

 

For the case of symmetric loading (Figure 4.5), the mean effective stress decreases as 

porewater pressure builds up in the early cycles of loading.  A reduction in the tangent shear 

modulus is also evident in the stress-strain loops.  The strain amplitude increases slowly but 

steadily during these cycles.  In the seventh cycle, the stress path approaches, and then crosses, the 

phase transformation line.  At this point, the soil becomes dilative, and the mean effective stress 

begins to increase.  A stress reversal occurs shortly thereafter, so the degree of dilatancy in the 

seventh cycle is small.  In the following cycle, however, the PTL is crossed closer to the origin, and 

a much stronger dilatant response is observed.  Within a couple additional cycles, the stress path is 
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crossing the PTL close to the origin, and each cycle contains substantial periods of contraction and 

dilation.  At this point, the porewater pressure reaches very high values, and the mean effective 

stress reaches very low values.  In this case, initial liquefaction is reached in about the eighth cycle 

of loading.  When the mean effective stress becomes small in each loading cycle, the tangent shear 

modulus becomes very small; as the soil dilates and the mean effective stress increases, the tangent 

shear modulus also increases.  This produces the “concave up” stress-strain loops associated with 

large strains in liquefiable soils.  Note that the strain amplitudes increase quickly after initial 

liquefaction and that, for the case of symmetric loading, they are symmetric. 

For the case of asymmetric loading (Figure 4.6), the mean effective stress also decreases as 

porewater pressure increases in the early cycles of loading.  In this case, however, the PTL is 

reached in the fourth (positive shear stress) and fifth (negative shear stress cycles of loading.  

Because the loading is asymmetric, larger strains build up in one direction than the other, leading to 

the accumulation of permanent strain in that direction.  Note that the rate of permanent strain 

accumulation increases rapidly following initial liquefaction. 

 

Calibration of UWsand Model 

To calibrate the UWsand model, the field behavior of typical liquefiable sands have to be 

described.  As discussed in Chapter 2, early procedures for evaluating liquefaction potential were 

based on laboratory tests.  The results of such tests, performed with cyclic triaxial and cyclic simple 

shear devices, were typically expressed in terms of cyclic resistance curves (Figure 2.5), which 

showed the level of cyclic shear stress required to produce liquefaction in a given number of 

harmonic stress cycles.  Because earthquakes do not produce harmonic loading, procedures were 

developed (Seed et al., 1975) to express an equivalent number of stress cycles as a function of 

earthquake magnitude (Figure 2.1).  Later, increased recognition of the difficulties of correlating 

laboratory test results to field behavior led to the development of liquefaction evaluation 

procedures based on field evidence.  These procedures typically express the cyclic resistance ratio 

corresponding to liquefaction in a M=7.5 earthquake as a function of an in situ test parameter such 

as (N1)60 or qc1 (Figure 2.3).  Evaluation of liquefaction potential for other magnitudes is 

accomplished by using magnitude scaling factors. 

Because the UWsand model can be used to simulate the results of a laboratory test on an 

element of soil, it can be calibrated against laboratory data of the type shown in Figure 2.5.  Such 
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laboratory data are available for specific sands upon which tests have been performed, but not for 

typical sands.  It is possible, however, to use field performance data to develop equivalent 

liquefaction resistance curves, i.e., to put the field-based liquefaction criteria in a laboratory-based 

framework.  This was accomplished in the following steps: 

 

1. Assume a particular "class" of typical sand, say clean sand (FC < 5 percent). 

2. Assume a particular value of (N1)60 and determine CRRM for different earthquake 

magnitudes using Figure 2.2 and the magnitude scaling factor (Figure 2.3). 

3. Compute the number of equivalent cycles for each earthquake magnitude. 

4. Plot CRR vs. the number of equivalent cycles that occur until initial liquefaction. 

 

The final result of this process is a set of field-based liquefaction resistance curves (Figure 4.7) 

that can be used for model calibration.  Calibration of UWsand against these data will ensure that 

the model predicts initial liquefaction in the right number of equivalent stress cycles for soils of 

different (N1)60 and fines content. 

 

 
Figure 4.7.  Cyclic resistance curves obtained from field data. 

 

As described previously, UWsand was developed with the intent of modeling the field 

behavior of typical liquefiable sands in a practical manner, needing only one parameter to describe 

the sand's resistance to liquefaction.  Because of the widespread acceptance of using penetration 

resistance to assess liquefaction resistance (Youd and Idriss, 1997), (N1)60 was selected as the 

material parameter in the constitutive model.  A large database of case histories exists that relates 

the (N1)60 of the soil to observations of liquefaction during previous earthquakes.  The case history 
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data may be used, as described above, to approximate the number of cycles that occur until initial 

liquefaction as a function of (N1)60.  Calibration of the UWsand model involves correlating several 

constants and expressions within UWsand to (N1)60.   

 

Miscellaneous parameters 

The first step in the calibration process was to correlate relative density, initial void ratio, 

angle of internal friction, and maximum shear modulus to (N1)60.  Relative densities were computed 

by using the following relationship (Kulhawy and Mayne, 1990)  

 

 
( )

%1001 60 ×=
CCC

N
D

OCRAP
r  (4.1) 

where 

 C DP = +60 25 50log  

 ( )C tA = +12 0 05 100. . log /  

 C OCROCR = 0 18.  

with D50 = 0.20 mm, t = 100 yrs, OCR = 1.  The void ratio is then computed from relative density 

as follows 
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where the values of emax  and emin  were assumed to be 0.95 and 0.35, respectively; these values are 

represented average values of emax  and emin  for clean, uniform sand and silty sand (Holtz and 

Kovacs, 1981).  The correlation of φf with (N1)60  was based on Kulhawy and Mayne (1990). The 

constant volume friction angle, φcv, which controls the position of the phase transformation line, 

was assumed to be two-thirds of φf. 

The maximum shear modulus, Gmax, was computed by using the relationship of Ohta and 

Goto (1976)  

 ( ) ( ) 5.0'333.0
601max 000,20 mNG σ=  (4.3) 

where σ’m and Gmax are in psf, and the initial bulk modulus of the soil is taken as  
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where Poisson's ratio, υ , is assumed to be 0.3.  The elastic shear modulus and bulk modulus were 

adjusted for changes in effective stress during execution of the program as follows 

 

 G G
p
p

e

o
=







max

.
'

'

0 5

    and K K
p
po

o
=









'
'

0.5

 (4.5) 

 

The plastic shear modulus was also adjusted for changes in effective stress with an exponent that 

began at 0.5 but could increase to 0.8, depending on the accumulated shear strain.  The bulk 

modulus of water was set at a constant value of 2.1 x 106 kPa.   

Correlating the undrained response of saturated soils in the field to (N1)60 began with the 

cyclic resistance ratio curve for magnitude 7.5 earthquakes shown in Figure 2.2 using the following 

equation from Youd and Idriss (1997).   
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From this plot, an (N1)60 value was selected, and the corresponding cyclic resistance ratio, CRR, 

value was found.  The number of representative loading cycles generated by an M=7.5 earthquake 

was determined by using Figure 2.1 (Youd and Idriss, 1997).  This data point could be plotted on a 

graph of number of cycles that occur until initial liquefaction versus CRR.  Repeating this exercise 

for a different magnitude earthquake resulted in a line of constant (N1)60 on the number of cycles 

versus CRR plot shown in Figure 4.8.  This procedure was then repeated for different values of 

(N1)60.  The final calibration of (N1)60 was found by identifying the constitutive model expressions 

that resulted in the closest match to each (N1)60 value across a range of CRRs.   
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Figure 4.8.  Cyclic resistance curves obtained from field data. 

 

 

Number of cycles that occur until initial liquefaction 

 Matching the number of cycles that occur until initial liquefaction as a function of (N1)60 

and CRR was one of the main goals of the model calibration process.  The accuracy of the match 

provided by UWsand is shown in Figure 4.9; the circles are data points computed with UWsand.  

The excellent agreement between the discrete points predicted by UWsand and the curves shows 

that the UWsand model is capable of modeling the development of initial liquefaction accurately. 

 
Figure 4.9.  Comparison of cyclic resistance ratio predicted by UWsand with 

values backcalculated from field data. 
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Rate of pore pressure generation 

Following calibration of UWsand against the empirically based liquefaction curves, the 

constitutive model was validated for level and sloping ground conditions.  Figure 4.9 demonstrates 

the ability of UWsand to match the rate of pore pressure generation measured in laboratory tests.  

DeAlba et al. (1975) performed cyclic loading tests in the laboratory that showed that the pore 

pressure ratio in soil elements subjected to uniform harmonic loading increased rapidly in the first 

few cycles of loading, increased at a slower rate during intermediate cycles of loading, and then 

increased quickly again as initial liquefaction was approached.  An expression for the average rate 

of porewater pressure generation, as a function of the number of loading cycles, is 
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where Nl is the number of cycles required to produce initial liquefaction (ru = 1.00) and β  is a 

function of the soil properties and test conditions.  Figure 4.10(a) shows that for the case of Nl = 5, 

model simulations for a range of (N1)60 values generally fell within the mean and upper bound 

limits observed by DeAlba et al.  Figure 4.10(b) shows that for the case of Nl = 20, the model 

simulations generally fell within the mean and lower bound limits of the experimental data.  Of 

primary importance in this validation step was the ability of the model to compute the characteristic 

rapid increase in excess pore pressure observed during the early and later loading cycles of the 

laboratory tests. 

 

Effects of (N1)60 

The next step in the validation process was to demonstrate that soil stiffness increases with 

increasing density.  The UWsand-predicted variation in behavior with increasing (N1)60 is shown in 

Figures 4.11 through 4.16 for the case of Nl  = 5 and (N1)60 values of 2, 5, 10, 15, 20, and 25.  For a 

given (N1)60 value, each figure shows the rate of pore pressure generation compared to the mean 

value of DeAlba et al., the effective stress path, and the shear stress-shear strain diagram.  The 

successive stress-strain diagrams show not only increasing stiffness with increasing (N1)60, but also 

increasing strength at low stiffness.  This is demonstrated by the expanding shear stress intercept of 
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the successive stress-strain curves.  Figures 4.17 through 4.22 show similar behavior for the case of  

Nl  = 20.  

 

 

Figure 4.10.  Rates of excess pore pressure generation (a) 
(N1)60 = 5, and (b) (N1)60 = 20. 
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Figure 4.11.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 2 and five cycles to initial liquefaction. 
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Figure 4.12.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 5 and five cycles to initial liquefaction. 
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Figure 4.13.  Pore pressure generation, effective stress path, and 

stress-strain plots for N = 10 and five cycles to initial liquefaction. 
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Figure 4.14.  Pore pressure generation, effective stress path, and 

stress-strain plots for N = 15 and five cycles to initial liquefaction. 
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Figure 4.15.  Pore pressure generation, effective stress path, and 

stress-strain plots for N = 20 and five cycles to initial liquefaction. 
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Figure 4.16.  Pore pressure generation, effective stress path, and 

stress-strain plots for N = 25 and five cycles to initial liquefaction. 
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Figure 4.17.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 2 and 20 cycles to initial liquefaction. 
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Figure 4.18.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 5 and 20 cycles to initial liquefaction. 
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Figure 4.19.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 10 and 20 cycles to initial liquefaction. 
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Figure 4.20.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 15 and 20 cycles to initial liquefaction. 
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Figure 4.21.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 20 and 20 cycles to initial liquefaction. 
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Figure 4.22.  Pore pressure generation, effective stress path, and 
stress-strain plots for N = 25 and 20 cycles to initial liquefaction. 
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behavior is shown in figures 4.23 and 4.24.  Figure 4.23 demonstrates the effect of increasing the 

cyclic shear stress from 4 (top) to 12 kPa in increments of 2 kPa for (N1)60 = 5 while holding the 

static shear stress constant at 5 kPa on the permanent strains.  Figure 4.24 shows that permanent 

strains decrease as the value of (N1)60 increases [2 (top), 5, 10, 15, 20, 25] while keeping the cyclic 

and static shear stresses constant.     

 

 

Figure 4.23. Validation of UWsand permanent shear strain results with N = 5 and a static shear 
stress of 5 kPa.  Cyclic shear stress increases in 2 kPa increments from 4 kPa (uppermost plot) to 
12 kPa (lowest plot). 
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Figure 4.24. Validation of UWsand permanent shear strain results with a cyclic shear stress of 10 
kPa and a static shear stress of 5 kPa.  N increases from  2 (uppermost plot) to 25 (lowest plot). 
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kPa) are held constant while the static shear stress increases from 0 (top) to 8 kPa in increments of 

2 kPa.   

 

 

Figure 4.25. Validation of UWsand permanent shear strain results with N = 5 and a cyclic shear 
stress of 12 kPa.  Static shear stress increases in 2-kPa increments from 0 kPa (uppermost plot) to 
8 kPa (lowest plot). 
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as input to UWsand superimposed upon different levels of static shear stress.  Figures 4.26 and 4.27 

show the effective stress paths and shear stress-shear strain plots for ground slopes that increase 

from 0 (top) to 5 degrees in increments of 1 degree.  The stress-strain plots generally show an 

increase in permanent strain with increasing static shear stress.  Other shear stress time histories 

produce slightly different results, with a general trend of increasing permanent shear strain with 

increasing static shear stress.  

 

 

Figure 4.26.  Effective stress paths for transient loading with ground slopes increasing from 0 
degrees (uppermost plot) to 5 degrees (lowest plot). 
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Figure 4.27.  Stress-strain diagrams for transient loading with ground slopes increasing from 0 
degrees at the top to 5 degrees at the bottom. 
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intensity, soil density, surface geometry, and liquefiable soil thickness.  Next, WAVE was 

evaluated for its ability to develop reasonable pore pressure profiles for a variety of soil densities 

and excitation levels.  WAVE simulations of data collected at instrumented sites during past 

earthquakes provided the final validation step.  

 

Permanent ground surface displacements 

Several shaking table and centrifuge model tests were summarized in Chapter 3.  

Collectively, the results of these tests indicated that ground surface displacements increase with 

increasing slope angle, decreasing (N1)60 value, increasing thickness of the liquefiable layer, and 

increasing excitation level.  To validate the ground surface displacements generated by WAVE 

with the UWsand model, profiles of 3-, 5-, 7- and 9-meter-thick deposits of liquefiable sand with 

(N1)60 = 2, 5, 10, and 15 and ground slope angles, S = 0, 1, 3, and 5 degrees were subjected to a 

ground motion scaled to maximum acceleration, amax = 0.1g, 0.2g, 0.3g, and 0.4g.   

Figure 4.28 shows the displacement time history at the ground surface of a 5-meter-thick 

layer of liquefiable sand with an (N1)60 = 10 and S = 3 degrees subjected to different levels of 

excitation.  The results indicate a clear trend of increasing ground surface displacement with 

increasing excitation, as would be expected.  Likewise, Figure 4.29 demonstrates a trend of 

increasing ground surface displacement with increasing slope angle for the same soil deposit 

subjected to a ground motion time history scaled to amax = 0.2g.   

Figure 4.30 shows the influence of (N1)60 on permanent displacement.  In this case, the 5-

meter-thick deposit with S = 3 degrees is subjected to a ground motion scaled to amax = 0.2g.  As 

the (N1)60 value decreases from 15 to 2, ground surface displacements increase as expected.  

Finally, Figure 4.31 validates WAVE with respect to the experimental results of increasing 

displacements with increasing thickness of the liquefiable layer.  Here the (N1)60 = 10 soil deposit 

with S = 3 degrees and subjected to a ground motion scaled to amax = 0.2g.  
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Figure 4.28.  Computed ground surface 
displacements at surface of 5-m-thick 
liquefiable soil layer ((N1)60 = 10) inclined at 3 
degrees.  Ground motion scaled to peak 
accelerations of 0.05g, 0.10g, 0.15 g, 0.20 g, 
and 0.25 g. 

Figure 4.29.  Computed ground surface 
displacements at surface of 5-m-thick liquefiable 
soil layer ((N1)60 = 10) subjected to ground 
motion with amax = 0.20 g.  Ground surface 
inclined at slopes of 0.5, 1.0, 2.0, 3.0, 4.0, and 
5.0 degrees. 

 
 

Figure 4.30.  Computed ground surface 
displacements at surface of 5-m-thick 
liquefiable soil layer inclined at 3 degrees and 
subjected to ground motion with amax = 0.20 g.  
Standard penetration resistances vary from 2 to 
15. 

Figure 4.31.  Computed ground surface 
displacements at surface of liquefiable soil layer  
inclined at 3 degrees and subjected to ground 
motion with amax = 0.20 g.  Thickness of 
liquefiable layer ranges from 3 to 9 m. 
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Pore pressure profile 

The simplified procedure for assessing liquefaction potential (Seed and Idriss, 1971) 

produces a factor of safety against liquefaction equal to the cyclic resistance ratio divided by the 

cyclic stress ratio.  When the factor of safety is less than 1.0, the pore pressure ratio is 1.0.  When 

the factor of safety is greater than 1.0, Figure 4.32 may be used to estimate the pore pressure ratio.  

Combined, the simplified procedure and Figure 4.32 allow development of a pore pressure profile 

for a given soil deposit subjected to a given earthquake.  The pore pressure profile developed using 

the simplified procedure was used as another means of validating the results of WAVE. 

 

 
Figure 4.32.  Variation of estimated pore pressure ratio with 

factor of safety against liquefaction (after Marcuson et al., 1990). 
 

Figure 4.33 presents the pore pressure profiles for a 10-meter-thick deposit of liquefiable 

soil with the water table at a depth of 1 meter.  The simplified procedure was used to generate the 

heavy- (SHAKE) and light-weight (empirical equation) lines, and WAVE was used to compute the 

pore pressure values represented by the open circles.  The first row of profiles is for (N1)60 = 5, and 

the second and third rows were generated with (N1)60 = 15 and 25.  The three columns present the 

effects of different excitation levels.  The first column corresponds to an M = 5.5 earthquake with 

amax = 0.1g, the second column to an M = 6.5 earthquake with amax = 0.2g, and the third column to 

an M = 7.5 earthquake with amax = 0.3g. 
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Figure 4.33.  Computed variations of pore pressure ratio, ru, with depth (in meters) for 
various combinations of ground motions and (N1)60 values.  Heavy solid lines are based 
on factors of safety from SHAKE analyses; light solid lines are based on factors of 
safety from simplified method; circles represent values computed directly from 
WAVE. 
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level (top two plots in the center column).  For the other cases, WAVE predicts higher pore 

pressures than the simplified procedure, particularly near the bottom of the soil layer where the 

strains are largest.  This difference results from WAVE's ability to account for the impedance 

contrast near the bottom of the liquefiable soil layer; the simplified procedure does not capture this 

effect.  The computed pore pressure profiles validate the WAVE model: very good results are 

obtained when liquefaction is a certainty and conservative results are obtained when liquefaction is 

less certain.   

 

Comparison with instrumented sites 

Downhole accelerometer arrays that have recorded time histories below liquefiable soil 

layers and at the ground surface in actual earthquakes provide the best data for validating a ground 

response analysis program's ability to model liquefaction.  To date, downhole arrays at the Wildlife 

site in Southern California and on Port Island in Kobe, Japan, have each recorded one event in 

which the soil between the accelerometers liquefied.  Figure 4.34 shows the recorded horizontal 

(North-South) acceleration time histories below and above the liquefied layer of soil at the Wildlife 

site during the 1987 Superstition Hills earthquake.  With the recorded motion below the liquefied 

layer as the input motion to WAVE, the computed ground surface acceleration time history is 

shown in Figure 4.35(a).  The change in frequency content of the time history after initial 

liquefaction is noticeable in both the recorded and computed accelerograms. 

Zeghal and Elgamal (1994) developed a procedure in which accelerograms at the ground 

surface and at depth can be used to compute average shear stress and shear strain time histories.  

Figures 4.36 and 4.37 show the shear stress and shear strain time histories computed with Elgamal's 

procedure for the Wildlife recordings and simulation, respectively.  The shear strain time histories, 

in particular, demonstrate a remarkable resemblance with respect to the magnitude and distribution 

of strain over time.  Likewise, figures 4.38 (actual) and 4.39 (simulated) validate the WAVE 

model's ability to capture the shear stress-shear strain behavior of the liquefied soil.  This final 

validation exercise of the shear stress-shear strain behavior of the liquefied soil is repeated for the 

Port Island array in figures 4.40 (actual) and 4.41 (simulated).   
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Figure 4.34.  Measured accelerations at ground 
surface and 7.5-m depth at Wildlife site. 

Figure 4.35.  Computed accelerations at ground 
surface and 7.5-m depth at Wildlife site. 

 

 

 

  

Figure 4.36.  Measured shear stress and shear 
strain time histories at Wildlife site. 

Figure 4.37.  Computed shear stress and shear 
strain time histories at Wildlife site. 
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Figure 4.38.  Measured stress-strain behavior at 
Wildlife site. 

Figure 4.39.  Computed stress-strain behavior at 
Wildlife site. 

 

 

 

  

Figure 4.40.  Measured Port Island response. Figure 4.41.  Computed Port Island response 
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Free-Field Response of Profile S7 

WAVE was used to compute the response of a soil profile with the characteristics of Soil 

Profile S7.  The results of this analysis using the validated version of WAVE with the UWsand 

model provide input for SPSI analyses. 

 

Soil profile 

Profile S7 from the Manual is shown in Figure 4.42. Profile S7 is composed of three layers: 

12 m of loose, saturated, liquefiable soil overlain by 3 m of dry, medium, dense sand, and underlain 

by 45 m of dense to very dense glacial deposits.  The dense glacial deposit is divided into three 

sublayers, each 15 m thick. (N1)60 values were estimated for each layer (sublayer) as shown in the 

soil profile. To consider the effects of possible variations of the density of the liquefiable layer, 

three different values of (N1)60 (10, 20, and 30) were used in a series of WAVE analyses. 

 

 
Figure 4.42.  Soil profile S7 from Geospectra Manual. 

 

Input motions 

Four input motions were chosen for the analyses. These four motions were obtained by 

scaling several strong motions from an online database to produce motions that agree well with the 

475-yr USGS response spectrum for Seattle. The acceleration time histories of the four motions, 

along with their response spectra, are shown in Figure 4.43. 
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Figure 4.43.  Input motions. 

 

 

Results from WAVE analyses 

Figures 4.44 through 4.46 show the free-field soil displacement as a function of depth for all 

four motions and three soil conditions (liquefiable layer blowcounts of  (N1)60 = 10, 20, and 30). To 

eliminate the effects of any drift in the input motions, the displacement values in the plots were 

calculated by subtracting the rock base displacement from the output results. The ground 

displacement decreases as the density, i.e., (N1)60 values of the liquefiable layer, increases. When 

(N1)60 = 10, the liquefiable layer exhibits much more displacement than the underlain layers. At a 

depth of about 15 meters (near the bottom of the liquefiable layer), the displacements show abrupt 

changes, which indicate that the largest shear strains occur at the bottom of the liquefiable layer. 

When (N1)60 = 30, the upper layer is no longer liquefiable, and the soil profile is more or less 

uniform. Therefore, the displacement fields do not show much change at the interface. For the case 

in which (N1)60 = 20, the displacement fields are close to the case in which (N1)60 = 30. 
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Figure 4.44.  Free-field motions for (N1)60 = 10 soil profile. 
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Figure 4.45.  Free-field motions for (N1)60 = 20 soil profile. 
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Figure 4.46.  Free-field motions for (N1)60 = 30 soil profile. 

 

The ground surface acceleration time histories, along with the corresponding ground 

response spectra obtained from the ground response analysis, provide a good indication of how the 

soil conditions influence the ground response. Figures 4.47 through 4.49 present the ground 
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acceleration histories and response spectra for the four motions and three SPT values ((N1)60 = 10, 

20, and 30), respectively.  
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Figure 4.47.  Free-field motions for (N1)60 = 10 soil profile. 
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Figure 4.48.  Free-field motions for (N1)60 = 20 soil profile.
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Figure 4.49.  Free-field motions for (N1)60 = 30 soil profil 

 

 

In the first case, (N1)60 = 10, the upper layer of the soil profile is liquefiable. The spikes in 

the ground acceleration time histories (Figure 4.47) show the effects of phase transformation 

behavior on the ground response. In comparison to Figure 4.44, which shows the input motions 

with their response spectra, both the amplitudes and shapes of the response spectra in Figure 4.47 

are altered in that the amplitudes are higher and the spectra show two (or more) peaks. These 

changes are less obvious in figures 4.48 and 4.49, which present the acceleration response for the 

cases in which (N1)60 = 20 and (N1)60 = 30, respectively.  

Figures 4.50 through 4.52 give detailed response histories for a point located 12 meters 

below the ground surface, which is at about the middle of the liquefiable layer (shown as a black 

dot in Figure 4.42). Each plot corresponds to a different soil density condition. Motion 4 was used 

in all the analyses. Each figure shows the time histories of pore pressure and shear strain, the stress-

strain curve, and the stress path followed by that specific point.  
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Figure 4.50.  Response history for element of soil with (N1)60 = 10  

located 12 m below ground surface. 
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Table 4.51.  Response history for element of soil with (N1)60 = 20  

located 12 m below ground surface. 
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Table 4.52.  Response history for element of soil with (N1)60 = 30  

located 12 m below ground surface.  
 

Figure 4.50, which corresponds to (N1)60 = 10, is of particular interest because it clearly 

shows the phase transformation behavior and its influence on the development of soil liquefaction. 

Pore pressure begins to build up when the earthquake shaking starts (there is a quiet zone of 16 

seconds at the beginning of the input motion history). After about 10 seconds, the pore pressure 

ratio reaches 100 percent, which indicates that initial liquefaction has been reached. 

Correspondingly, the shear strain increases quickly as the pore pressure ratio approaches 100 

percent. The stress-strain plot shows that, upon initial liquefaction, the soil stiffness degrades 

almost to zero and the shear strain increases significantly. Then the soil dilates and regains its 

strength and stiffness as the shear strain continues to develop, until the stress reverses. The stress-

path plot shows the phase transformation behavior more clearly. The effective stress decreases to 

zero as the pore pressure builds up. After the stress path reaches the phase transformation line, the 

effective stress and shear stress increase until stress reversal. This process continues till shaking 

ceases. 
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The site response is different when the soil density is higher ((N1)60 = 20 and (N1)60 = 30), as 

shown in figures 4.51 and 4.52. With higher soil density, the pore pressure builds up more slowly 

and the shear strains are limited at a lower level.  

Figure 4.53 plots the pore water pressure ratios vs depth at the end of shaking for all four 

motions and the three soil conditions. An average curve is also presented for each soil density. 

Since pore pressure redistribution (or dissipation) was not considered in the site response analysis, 

the pore pressure at the end of shaking is the highest value during shaking. Nearly the entire upper 

layer (“liquefiable” layer) reaches initial liquefaction for a loose deposit ((N1)60 = 10).  For a denser 

condition ((N1)60 = 20), initial liquefaction is reached only at the bottom of the upper layer for most 

motions. At (N1)60 = 30, the highest pore pressure ratio is only about 50 percent.  
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Figure 4.53.  Pore pressure ratios at the  end of shaking. 

 

 

Discussion 

This chapter introduces a recently developed constitutive model known as UWsand. This 

model was implemented into the site response program WAVE. Free-field response analyses were 

performed for a selected site, S7, using the modified version of WAVE. Standard Penetration 

Testing (SPT) blow counts, (N1)60, were used to represent the soil densities. Three SPT values 

((N1)60 = 10, 20, and 30) were assumed for the 12 m of “liquefiable layer.” Four motions were 

chosen for these analyses.  On the basis of the results from the analyses, some conclusions can be 

drawn: 
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1. The soil constitutive model, UWsand, despite its simplicity, can capture quite well 

some of the most important characteristics of cohesionless soil behavior, such as 

pore pressure generation, phase transformation, modulus reduction, and cyclic 

mobility.  

2. For the case in which (N1)60 = 10, nearly the entire upper layer (“liquefiable layer”) 

reached initial liquefaction. When (N1)60 = 20, initial liquefaction was reached only 

at the bottom of the upper layer for most motions. At (N1)60 = 30, initial liquefaction 

was not reached.  

3. Soil liquefaction can induce large displacements in liquefiable layers and cause 

significant amounts of permanent ground displacement. Maximum strains usually 

occur near the bottom of the liquefiable layer because of the differential 

displacements between different layers.  

4. Soil liquefaction can cause the stiffness and strength of the liquefiable layer to be 

very low to prevent the high-frequency components of a bedrock motion from being 

transmitted to the ground surface. As a result, the amplitude and frequency content 

of the surface motion may change considerably throughout the earthquake.  

 

 


