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CHAPTER 1: INTRODUCTION 

1.1 OVERVIEW 

Drilled shafts often are used to transfer the structural loads to deeper firm strata. Load 

transfer from shaft to soil or vice versa is accomplished by relative movement between shaft and 

soil, which mobilizes shaft and tip resistances. The direction of side resistance depends on the 

direction of the shaft movement. By definition, when the pile moves downward the resulting shear 

stress along the shaft is in the upward direction, which is known as positive direction. The 

downward relative movement of the soil around the shaft also induces shear stress along the shaft, 

which is referred to as negative side resistance.  

Sandy soil layers can reduce soil volume during and following liquefaction (Tokimatsu 

and Seed 1987, Ishihara and Yoshimine 1992). The downward relative movement of the soil 

around the shaft induces shear stress along the shaft commonly called negative side resistance. The 

accumulated negative side resistance will affect the pile load and add axial force to the shaft, called 

"drag force”.  

Movement of the soil affects the load distribution along a drilled shaft. Depending on the 

site conditions, the change in the axial responses that result from liquefaction-induced settlement 

can have a significant impact on the performance of drilled shafts in seismic regions. In extreme 

circumstances, the drag force may exceed the structural axial strength of the shaft. Other than for 

very long piles (aspect ratio larger than about 100), the soil settlement around the pile will tend to 

move the pile downward, i.e., add downdrag that may affect the serviceability of the structure.  

Incidences of liquefaction-induced downdrag on piers and shafts that varied from near zero to 

excessive amounts occurred February 27, 2010 during the 8.8  magnitude earthquake off the Maule 

coast in central Chile (Yen et al. 2011).   



 

2 
 

Methods that often are employed to account for the effects of liquefaction on deep 

foundations are addressed in terms of drag load development in design manuals, including the 

American Association of State Highway and Transportation Officials (AASHTO) 2014 guidelines 

and the Washington State Department of Transportation (WSDOT) 2015 guidelines. The AASHTO 

(2014) specifications recommend adding the factored drag load from the soil layers above the 

liquefiable zone to the factored loads from the superstructure. The AASHTO (2014) specifications 

also contain simplified techniques to compute the drag load and recommend the use of non-

liquefied shaft resistance in the layers within and above the liquefied zone as well as shaft 

resistance as low as the residual strength within the soil layers that do liquefy in order to estimate 

the drag load for an extreme event limit state.  

The development of drag load in piles and drilled shafts that have been constructed in 

consolidating soils (i.e., under static loading) has been researched extensively for geotechnical 

design. Different researchers have proposed several solutions to determine the magnitude and 

distribution of drag loads that may act on piles in settling soils (e.g., Poulos and Davis 1990, Matyas 

and Santamarina 1994, and Fellenius 1984, 2004). These studies present procedures to estimate the 

forces and the location of the neutral plane (NP), which is the location along the pile where sustained 

forces are in equilibrium with resisting forces (i.e., positive side resistance below the NP and 

mobilized tip resistance). 

Similarly, several researchers have proposed a number of numerical methods to account 

for many of the features associated with drag load development (Lee and Ng 2004, Jeong et al. 

2004, Hanna and Sharif 2006, Yan et al. 2012). These studies address the drag load that is caused 

by a surcharge or consolidation of the surrounding soil. Wang and Brandenberg (2013) proposed 

a method to estimate the pile response that is due to consolidation by applying a beam on a 

nonlinear Winkler foundation using t-z elements to model the soil-pile interactions, with the pile 
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as the beam-column element. These researchers carried out their analysis using the finite element 

code OpenSees (Open System for Earthquake Engineering Simulation) (2012) and provided an 

estimate of the drag load by assuming that the relative velocity between the pile and the soil at the 

NP is zero. 

Unlike the number of studies of drag development in consolidating soils, only a few 

analytical studies have addressed drag load and downdrag in cases where the soil settlement is caused 

by seismic liquefaction (e.g., Boulanger and Brandenburg 2004, Rollins and Strand 2006, Fellenius 

and Siegel 2008). For example, Boulanger and Brandenberg (2004) related the shaft resistance in 

a reconsolidating liquefied zone to the dissipation of excess pore pressure over time and then 

estimated the resulting drag load. In their study, downdrag was correlated incrementally over time 

in parallel with the pore pressure dissipation. Also, Fellenius and Siegel (2008) applied the 

concepts of ‘unified method’ (Fellenius 1984, 2004, 2014) to study the effects of seismic 

liquefaction on downdrag. The unified method is based on the interaction between pile resistance 

and soil settlement, notably the interaction between the pile tip resistance and pile tip penetration. 

The method adopted by Fellenius and Siegel (2008)   involves repositioning the NP based on the 

location of a single liquefiable zone with respect to the original location, i.e., with the liquefiable 

zone located above or below the NP. The validity of this approach has been demonstrated at a site 

in northern California (Knutson and Siegel 2006) and in field tests by Rollins and Strand (2006) 

and Strand (2008).   

1.2 RESEARCH OBJECTIVES  

The primary objective of this research is to develop an analytical method that can account 

for liquefaction-induced downdrag (settlement) in deep foundations. The study includes a critical 

examination of the existing analytical and numerical methods for downdrag analysis of piles and 
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drilled shafts. In this study, the NP method has been modified further to account for multiple layers 

of liquefaction and applied to a case study of the 2010 earthquake off the Maule coast in Chile. 

The analysis also identified the need to account for soil-structure interactions to better quantify the 

effects of liquefaction-induced downdrag. Numerical simulations were performed using OpenSees 

finite element software, which is widely used in earthquake engineering simulations (OpenSees 

2014). The specific objectives of the study are to: 

(i) Develop an analytical method to account for liquefaction-induced downdrag with regard to piles 

and drilled shafts.  

(ii) Verify the key assumptions made in (i) using OpenSees. 

(iii) Evaluate the performance of selected drilled shafts in the State of Washington that are 

vulnerable to liquefaction-induced downdrag during earthquakes. 

1.3 OUTLINE OF REPORT  

Chapter 1 provides an introduction to the concept of downdrag as it applies to deep 

foundations and introduces the ideas used for the research conducted in this study. Chapter 2 

presents a literature review of the current methods that pertain to liquefaction-induced downdrag. 

Chapter 3 includes a review of the NP method and improvements and modifications to the method 

for its application to liquefaction-induced downdrag. Also in Chapter 3, the modified NP method 

is applied to study the observed settlement responses of piers along the Juan Pablo II Bridge during 

the 2010 Maule 8.8 magnitude earthquake in Chile. Appendix A presents the numerical analysis 

conducted using OpenSees to verify some of the key assumptions used in the analytical method. 

Chapter 4 illustrates the developed procedure used to calculate downdrag for two field cases in the 

State of Washington; these sites are potentially vulnerable to liquefaction. One of the field cases 
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is analyzed in detail, whereas the details relevant to the second case are presented in Appendix B 

to ensure brevity of Chapter 4. Chapter 5 summarizes the study with conclusions and 

recommendations for further advances in this research area.  
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  CHAPTER 2: LITERATURE REVIEW 

2.1 INTRODUCTION  

When loose granular soils are saturated and subjected to strong ground shaking (repeated 

loading or cyclic loading) under undrained conditions, the contractant behavior (reduction in 

volume) of the soil layers causes pore pressure to accumulate, resulting simultaneously in the 

reduction of effective stress. This reduction in effective stress progressively transfers granular soils 

from a solid state to a liquefied state. In dense soils, such liquefaction leads to transient softening 

and increased cyclic shear strain, dilatant behavior (expansion in volume) during shear induces 

major strength loss and large ground deformations (Youd et al. 2001).  

2.2 LIQUEFACTION-INDUCED DOWNDRAG 

Sandy soil layers reduce the volume of the soil during and following liquefaction 

(Tokimatsu and Seed 1987, Ishihara and Yoshimine 1992). This volume reduction manifests as a 

downward movement, or settlement, of the overlying soil layers. Such movement may affect the 

load distribution on deep foundations. Depending on the site conditions, the change in the axial 

responses (i.e., drag load and downdrag) that result from liquefaction-induced settlement can have 

a significant impact on the performance of piles or drilled shafts in seismic regions.   

The development of drag load on piles and drilled shafts that have been constructed in 

consolidating soils (i.e., under static loading) has been researched extensively for geotechnical 

design. Researchers have proposed several solutions to determine the magnitude and distribution of 

drag loads that may act on piles in settling soils (e.g., Poulos and Davis 1990, Matyas and 

Santamarina 1994, and Fellenius 1984, 2004). These studies have proposed procedures to estimate 

the forces and the location of the NP, i.e., the location along the pile where sustained forces are in 
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equilibrium with the resisting forces (i.e., positive side resistance below the NP and mobilized tip 

resistance).  

2.3 ENDO ET AL. (1969) 

Endo et al. (1969) presented a case history that involves the behavior of the negative side 

resistance on single piles installed in a clay medium. Measurements of side resistance for four 

kinds of steel pipe piles, i.e., friction and point-bearing piles and open-point and closed-end pipe 

piles, were taken for more than two years at a thick alluvial stratum where consolidation had been 

observed due to a decrease in pore pressure. As shown in Figure 2.1, the observed load distribution 

pattern indicates both positive side resistance and negative side resistance. Figure 2.2 presents the 

measured soil and pile settlements. Endo et al. (1969) noted the existence of a NP, where the axial 

stress in a pile is at a maximum level. The axial force due to the negative side resistance is 

transmitted to the tip of pile while it is being diminished by the positive side resistance acting on 

the pile below the neutral point. 

 

 
Figure 2.1. Stress distribution on a test pile (cE43) with time (Endo et al. 1969). 
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Figure 2.2. Comparison of soil and pile settlements for cE43 test pile with time (Endo et al. 

1969). 

2.4 BOULANGER AND BRANDENBERG (2004) 

Fellenius (1972) developed the NP method to estimate drag load and downdrag for piles in 

clay. Boulanger and Brandenberg (2004) later modified the NP method for its application to 

liquefaction-induced downdrag on vertical piles. This modified method accounts for the variation 

in excess pore pressure (Δu) and ground settlement over time as a liquefied layer reconsolidates. 

Sand compressibility (mv) and side resistance (fs) are considered as functions of the excess pore 

pressure ratio. Drag load or side resistance in the consolidating soil will increase over time as the 

effective stress increases (pore pressure decreases) during consolidation. 

 Sand compressibility, which depends on the excess pore pressure ratio (ru = u/σvo′ ), is used 

to calculate soil settlement and pile head settlement as the liquefied layer reconsolidates. A 

description of excess pore pressure isochrones over time and the relationship between mv and ru 
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are required to evaluate these settlements (Boulanger and Brandenberg 2004). Excess pore 

pressure distribution patterns (isochrones) depend on the boundary and drainage conditions. The 

isochrones may change according to the boundary conditions. The isochrones in the top liquefied 

layer satisfy the test conditions whereas the bottom three liquefiable layers may not. The layers 

right above and below the liquefied layer affect the distribution pattern. Figure 2.3 (a) shows 

typical excess pore pressure isochrones within a liquefied layer at different times (t0 – t3) during 

reconsolidation. Here, t0 is the time immediately after ru = 100 percent, and t3 is the time that 

corresponds to when Δu has fully dissipated. That is, the effective stress is almost zero at time t0 

and is expected to reach a value at the end of primary consolidation. Florin and Ivanov (1961) also 

observed a trapezoidal distribution of isochrones during their tests when the bottom soil layer and 

the top layer are impermeable and permeable, respectively. 
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The side resistance within liquefied sand is modeled as being proportional to the effective 

stress in the sand, as expressed as Equation 2.1: 

fs = σvo′ Ko tan(δ)(1 − ru),                                                   [2.1] 

where σvo' is the vertical effective consolidation stress, Ko is the coefficient of lateral earth pressure 

at rest, and δ is the interface friction angle during liquefaction and reconsolidation. Variations in 

Ko and δ over time are likely to have only a small effect on side resistance compared to the 

contribution from changes in ru (Boulanger and Brandenberg 2004). Thus, these parameters are 

kept constant in the absence of data in the analysis.  

 

(a)                       (b)                          (c)                        (d) 

Figure 2.3. Variations within a liquefied layer: (a) excess pore pressure patterns (isochrones), 

(b) side resistance, (c) soil settlement, and (d) changing neutral plane location (Boulanger and 

Brandenberg 2004). 
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Lee and Albeisa (1974) determined the volumetric strains that are due to the 

reconsolidation of samples subjected to increases in excess hydrostatic pore pressure caused by 

cyclic loading or static loading. Seed et al. (1975) developed an analytical expression for the 

increase in compressibility using the pore pressure ratio and relative density, as shown in Equations 

2.2 (a) through (c): 

mv
mvo

= eAXB

1+AXB+12A
2X2B

                                               [2.2a] 

A = 5(1.5 − Dr)                                                        [2.2b] 

B = 3(2)−2Dr  ,                                                            [2.2c] 

where X (= ru) is the excess pore pressure ratio, Dr is the relative density, and mvo is the sand 

compressibility at low pore pressure. The soil settlement is calculated by integrating the vertical 

strain (ϵv) in the soil profile as the liquefiable layers reconsolidate. The vertical strains are 

calculated by Equation 2.3:  

ϵv = Δσvo′ . mv ,                                                           [2.3] 

where Δσvo' is the change in the effective stress and mv is sand compressibility. It should be noted 

that changes in side resistance and soil settlement will occur as a result of the dissipation of excess 

pore pressure, as shown in Figure 2.4. The loads are summed downwards from the pile head (Qdown) 

and upwards from the pile tip (Qup). The NP location is found at the depth where Qdown equals Qup. 

These changes alter the load distribution patterns for the pile.  

The pile settlement equals the soil settlement at the NP location at the end of consolidation 

(Fellenius 1972). Here, the NP location varies with time as the side resistance in the liquefied sand 

increases during consolidation. So, the downdrag is estimated incrementally, as illustrated in 
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Figure 2.4. For example, between times t2 and t3, the NP location moves upwards. The increment 

of the pile settlement (ΔSpile) equals the increment of the soil settlement (ΔSsoil) at the NP location 

at the end of this time step t3. Then, the total pile settlement is evaluated by numerically integrating 

the increments of the pile settlement over the time for reconsolidation. This approach predicts 

substantially smaller pile settlements for the end of the consolidation stage than the traditional NP 

method. 

 

 

2.5 ROLLINS AND STRAND (2006) 

Rollins and Strand performed instrumented full-scale testing to investigate the loss of side 

resistance, the development of negative side resistance, and the axial load distribution after blast-

Figure 2.4. Incremental liquefaction-induced downdrag (Boulanger and Brandenberg 2004). 
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induced liquefaction at a site near Vancouver, Canada. They measured these parameters before 

and after the liquefaction event. The test pile was a 324-mm outside diameter steel pipe pile with 

a 19-mm wall thickness that was driven close-ended to a depth of 21.3 m, as shown in Figure 2.5. 

The soil profile consisted of clean sand, silty clay, and silty sand. A total of 16 explosive charges 

at depths of 6.4 m and 8.5 m below the ground surface and equally spaced in a 10-m diameter 

circle around the test pile were detonated sequentially with a one-second delay between 

detonations to induce liquefaction. Figure 2.6 presents the recorded pore pressure measurements. 

The settlement of the soil profile also was measured along with the pore pressure dissipation. 

Figure 2.7 displays the axial load distribution on the pile immediately before and immediately after 

blast-induced liquefaction and after the pore pressure had completely dissipated to zero. Figure 2.7 

shows that the side resistance essentially reduced to zero around the liquefied zone as the excess 

pore pressure ratio approached unity. As this layer settled due to the dissipation of the excess pore 

pressure, negative side resistance developed with a unit value that was approximately half of the 

positive side resistance prior to blasting. The soil settlement was about 270 mm. As a result of the 

loss of the side resistance and then the downdrag load in the liquefied layer, the applied load was 

transferred to the denser soil below the liquefied zone. The required displacement needed to 

mobilize this additional side resistance was less than 10 mm (Rollins and Strand 2006). To the 

author’s knowledge, this Rollins and Strand 2006 work is the only field test that has been 

performed to date regarding liquefaction-induced downdrag and drag load.  
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Figure 2.5. Layout of test pile, instrumentation, and blast charges relative to the soil profile at the 

Massey Tunnel test site south of Vancouver, Canada (Rollins and Strand 2006). 

 

 

Figure 2.6. Build-up and dissipation of excess pore pressure ratio (ru) at a depth of 8.4 m below 

the ground surface after detonation of explosive charges (Rollins and Strand 2006). 
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2.6 FELLENIUS AND SIEGEL (2008) 

Fellenius and Siegel (2008) applied the ‘unified method’ (Fellenius 1984, 2004, 2014) that 

is based on the interaction between pile resistance and soil settlement, notably the interaction 

between the pile toe resistance and pile toe penetration, to study the effects of seismic liquefaction. 

The unified method involves repositioning the NP based on the location of a single liquefiable 

zone with respect to the original location, i.e., with the liquefiable zone located above or below the 

NP. This approach was demonstrated at a site in northern California by Knutson and Siegel (2006) 

and in field tests by Rollins and Strand (2006) and Strand (2008). In general, however, several 

potentially liquefiable zones within an embedded pier length may exist, as was observed in the 

Figure 2.7. Load distribution at the pile immediately before and immediately after blast-induced 

liquefaction and when the pore pressure had dissipated to essentially zero (Rollins and Strand 2006). 



 

16 
 

case of the Maule, Chile earthquake. Such cases present the need to extend the recommendations 

by Fellenius and Siegel (2008) to include multiple liquefiable zones, which forms the subject of 

Chapter 3. 

2.7 AASHTO METHOD 

Methods that account for liquefaction effects on pile foundations are addressed in terms of 

drag load development in a few design manuals, such as the AASHTO (2014) and WSDOT (2013) 

specifications. The AASHTO (2014) specifications recommend adding the factored drag load from 

the soil layers above the liquefiable zone to the factored loads from the superstructure. The AASHTO 

(2014) specifications also contain simplified techniques to compute the drag load, recommending 

the use of the non-liquefied side resistance in the layers within and above the liquefied zone and a 

side resistance as low as the residual strength within the soil layers that do liquefy to estimate the 

drag load for an extreme event limit state.      

AASHTO (2014) also recommends using the ‘explicit method’ to calculate downdrag 

instead of the NP method. Figure 2.8 describes the explicit method conceptually whereby the 

negative side resistance is assumed to develop when the relative downward movement of the soil 

is 0.4 inch or more. Hanningan et al. (2005) presented a step-by-step procedure for determining 

the downdrag load; this procedure is based on the assumption that at least a 0.4-inch settlement 

between the soil and the pile is needed to mobilize the negative side resistance. Along the shaft 

where the settlement of the soil is more than 0.4 inch is assumed to have negative side resistance. 

The drag load is applied as the top load after applying the appropriate load factor.  

Siegal et al. (2014) compared the explicit and the NP analysis methods. The most important 

difference between these two methods is the exclusion of the drag load at the geotechnical limit 
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state in the NP method. Siegal et al. (2014) also state that the NP method is a simplification of soil-

pile interaction and is more representative of actual pile conditions than the explicit method.  

 

 

Figure 2.8. Conceptual illustration of explicit method (Siegel et al. 2014).  

 

In summary, the experimental and field observation during the past decades urged the 

geotechnical engineers to develop methods of downdrag analyses. These methods mostly involve 
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the design at static loading conditions on piles in fine-grained soils (e.g. Boulanger and 

Brandenberg 2004, and Fellenius 1972). Recently these methods are modified and applied for 

liquefaction-induced downdrag analysis (e.g. Fellenius and Siegel 2008). Methods to account for 

liquefaction-effects on deep foundations are also addressed in terms of drag load development in 

a few design manuals, such as AASHTO (2014) and WSDOT (2015). In this study we further 

modified the unified method by Fellenius and Siegel (2008) to be used for drilled shafts by 

including their self-weight as well as the potential for the presence of multiple liquefiable layers. 

This method is capable of predicting the downdrag settlement, drag load, and the axial load 

distribution along the shaft, during and after the liquefaction, which gives a better understanding 

of loads on the deep foundations compared to explicit methods addressed in design manuals.  
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CHAPTER 3: MODIFIED UNIFIED METHOD FOR LIQUEFACTION-INDUCED 
DOWNDRAG:  APPLICATION TO JUAN PABLO II BRIDGE 

3.1 INTRODUCTION  

Fellenius and Siegel (2008) modified the original unified method (Fellenius 1984, 2004, 

2014) for pile analysis to account for seismic liquefaction effects. The unified method is based on 

the concept of the NP in piles and accounts for the interaction between pile resistance and soil 

settlement, notably the interaction between the tip resistance and tip penetration. Fellenius and 

Siegel’s modification for seismic liquefaction involves repositioning the NP based on the location 

of a single liquefiable zone with respect to the original location, i.e., whether the liquefiable zone 

is located above or below the NP. The validity of the approach has been demonstrated for a site in 

northern California (Knutson and Siegel 2006) and in field tests by Rollins and Strand (2006) and 

Strand (2008).  

In the current study, this NP method has been extended further to include drilled shafts and 

applied to the case of the pier performance at the Juan Pablo II Bridge during the Maule, Chile 

earthquake in 2010 to verify its potential. Also in this study, numerical analyses were conducted 

using OpenSees finite element software to examine some of the assumptions made in the study in 

order to reinforce the study’s potential for applications to practice (see Appendix A). 

3.2 THE MODIFIED UNIFIED ANALYSIS METHOD FOR PILES (FELLENIUS AND 
SIEGEL 2008) 

Fellenius (1984, 1988, 2014) proposed the unified method to analyze the responses of deep 

foundations to load and soil movement. This method makes use of the NP that relies on force and 

settlement equilibria. The NP is located at the depth of the force equilibrium, i.e., where the load 

and resistance curves intersect. The NP is also the plane where the soil and the pile both move 

equally, i.e., the location of the settlement equilibrium.  



 

20 
 

Neutral Plane for Liquefied Soils 

Figures 3.1 (a) and (b) show variations in the load and resistance curves and the pile and 

settlement curves, respectively, in terms of depth along a pile before liquefaction. The NP is at the 

intersection of the load and resistance curves. 

 

 

 

The underlying principle of the load distribution curve is common for all conditions, i.e., 

before, during, and after liquefaction. The curve begins with the dead load, Qd, at the pile head and 

increases with depth, assuming fully mobilized negative side resistance along the pile, with the 

value Rs at the tip. The resistance curve initiates with the mobilized tip resistance, Rt, and increases 
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Figure 3.1. Schematic diagram of location of neutral plane before liquefaction: (a) load and 

resistance curves and (b) soil and pile settlement curves. 
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upward along the pile, thus corresponding to the fully mobilized positive side resistance and 

attaining the value Qu. The load curve is not necessarily the actual load on the pile, but the potential 

maximum load per depth if all the side resistance is dragging on the foundation. The resistance 

curve is also the maximum available resistance distribution. The distribution of the axial force 

along the pile (dashed line in Figure 3.1 (a)) follows the load distribution curve above the NP and 

the resistance curve below the NP. 

The liquefaction of a zone will result in (1) loss of effective stress, which indicates a 

corresponding loss of side resistance, and (2) loss of volume, which indicates that the zone will 

reduce in thickness and will potentially show up as settlement of the ground surface. Unless the 

liquefiable portion of the soil profile is significant, the loss of the side resistance will be negligible. 

The side resistance will be regained when the seismically imposed liquefaction effects have waned. 

However, the loss of soil volume, i.e., settlement, may have a significant effect on the pile, 

depending on whether or not the liquefiable zone is located above or below the NP, as explained 

as follows. 

a) If the liquefiable zone is located above the NP (Figure 3.2), then due to the unloading of 

the pile, theoretically a small (hardly measurable) temporary elongation of the pile may 

potentially appear as heave at the pile head. The load distribution curve will translate 

downward, but the associated small unloading of the pile tip will show a similar upward 

translation of the resistance curve. The combined effect is that the location of the NP will 

not change appreciably.   

b) When the liquefiable zone is located below the NP (Figure 3.3), the loss of volume in the 

liquefiable soil zone will increase the amount of settlement at the NP. Therefore, in the 

absence of supporting tip resistance, increased downdrag (settlement) on the pile by the 

amount of the reduction in the height of the liquefied soil zone will result. The increase in 
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the pile tip penetration will increase the tip resistance, which will lower the NP and offset 

some of the liquefaction settlement for the pile (Figure 3.3). 

c) When the liquefiable zone is located below the pile tip, no change will occur with regard 

to the side resistance and tip resistance and the location of the NP relative to the pile. 

However, the loss of volume in the liquefied zone will result in a corresponding settlement 

of the soil around the pile and, therefore, also of the pile. 
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Figure 3.2. Schematic diagram of typical responses when the liquefying zone is located 

above the neutral plane.  
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3.3 THE MODIFIED UNIFIED METHOD FOR DRILLED SHAFTS  

The unified method that was modified by Fellenius and Siegel (2008) and discussed in 

Section 3.2, needed to be modified further in order for it to be applied for drilled shafts by including 

their self-weight as well the potential for the presence of multiple liquefiable layers. In addition, 

consideration must be given to the two different schools of thought that relate to the development 

of negative side resistance before liquefaction. The first approach (Case I), which is preferred by 

AASHTO, assumes that negative side resistance is not present prior to liquefaction, especially in 
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Figure 3.3. Schematic diagram of typical responses when the liquefying zone is located below 

the neutral plane. 
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sandy soils. The other school of thought (Case II), suggested by Fellenius (1984, 2004, 2014), 

assumes that due to creep and other phenomena, a drilled shaft will experience some downdrag 

settlement (typically 0.4 inch) before liquefaction.  

The methodology that was used in this study to modify the unified method further is 

presented and developed in a step-by-step manner in Section 3.3.1.  

3.3.1 STEP-BY-STEP ANALYSIS PROCEDURE FOR FURTHER MODIFICATION OF 
UNIFIED METHOD 

Step 1: Prepare input data. 

 (i) Properties of the soil: The input data for the soil properties include layer thickness, saturated 

unit weight, groundwater location, and information about liquefaction characteristics. The 

available Standard Penetration Test (SPT) data (N or N60) or any other similar test data can be used 

to evaluate the tip resistance and side resistance of the shaft. 

(ii) Properties of the shaft: The input data for the shaft properties include the length (L), diameter 

(D), and dead load (DL). 

Step 2: Estimate the shaft resistance and tip resistance and plot the load-resistance curves. 

The primary method used to provide information about the distribution of the side 

resistance and tip response is to obtain results from a static loading test. The second best method 

is to obtain results from in situ cone penetrometer tests, and lastly, from SPT boreholes using N-

values. Such SPT N-values are affected significantly by several variables, and therefore, using 

SPT N-values as inputs for calculations of any kind leads to a great variation in output. 

Nonetheless, in the absence of a more reliable method, the obtained N-values can be applied to 

pile response analysis.  

With regard to shaft resistance, Kulhawy and Chen (2007) proposed using the basic soil 

parameter method by applying Equations 3.1a through 3.1d. Similarly, tip resistance can be 
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calculated using Equation 3.2. The β-method proposed by O'Neill and Reese (1999) thus was 

replaced by the approach presented by Kulhawy and Chen (2007) in AASHTO (2014) because the 

O'Neill and Reese approach did not account for the variation in N-values or effective stress in 

calculating the β coefficient. The shaft resistance can be calculated using Equations 3.1.a and b.  

𝑟𝑟𝑠𝑠 = 𝛽𝛽𝜎𝜎′𝑣𝑣                                                                  [3.1𝑎𝑎] 

in which 

𝛽𝛽 = �1 − 𝑠𝑠𝑠𝑠𝑠𝑠𝜑𝜑′
𝑓𝑓� �

𝜎𝜎′𝑝𝑝
𝜎𝜎′𝑣𝑣

�
sin𝜑𝜑′𝑓𝑓

𝑡𝑡𝑎𝑎𝑠𝑠𝜑𝜑′
𝑓𝑓            [3.1𝑏𝑏] 

where 

𝛽𝛽  = effective stress correlation coefficient (dimensionless), 

𝜑𝜑′
𝑓𝑓  = soil friction angle (°),  

𝜎𝜎′𝑝𝑝  = effective vertical stress, 

𝜎𝜎′𝑣𝑣 = vertical effective stress at mid-depth of the soil layer.  

According to Kulhawy and Chen (2007), the friction angle,φ′
f , can be calculated using 

corrected SPT N-values (values adjusted for effective overburden stress), (𝑁𝑁1)60, using Equation 

3.1c. 

𝜑𝜑′
𝑓𝑓 = 27.5 + 9.2 log[(𝑁𝑁1)60]                             [3.1𝑐𝑐] 

The effective vertical stress, 𝜎𝜎′𝑝𝑝 , is calculated using Equation 3.1d: 

𝜎𝜎′𝑝𝑝
𝑝𝑝𝑎𝑎

= 0.47 (𝑁𝑁60)𝑚𝑚                                                [3.1𝑑𝑑] 
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where 

𝑚𝑚  = 0.6 for clean quartzitic sands and 0.8 for silty sand to sandy silt, 

𝑝𝑝𝑎𝑎 = atmospheric pressure (same units as 𝜎𝜎′𝑝𝑝: 2.12 ksf or 14.7 psi). 

The 'target' shaft tip resistance (ksf) for drilled shafts in sandy soils (Brown et al. 2010) is 

calculated using Equation 3.2: 

𝑟𝑟𝑡𝑡 = 1.2 𝑁𝑁60   𝑓𝑓𝑓𝑓𝑟𝑟 𝑁𝑁60 ≤ 50                                    [3.2] 

where 

𝑁𝑁60 = average SPT blow count (corrected only for hammer efficiency) in the design zone under 

consideration (blows/ft). 

The target shaft tip resistance is based on measured base resistance values obtained from 

compression load tests of drilled shafts with clean bases at settlements equal to five percent of the 

base diameter. The shaft tip displacement response to the load is assumed to follow the variation 

shown in Figure 3.4 (O'Neill and Reese 1999). 
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Figure 3.4. Toe displacement response to end bearing load. The data points are from the curve 

suggested by O’Neill and Reese (1999), and the dotted curve is fitted to the data using Ratio 

Function (Fellenius 2014). 

 

The fit of the curve to the experimental measured data presented by O'Neill and Reese 

(1999) can be obtained using a ratio function, as expressed by Equation 3.3 (Fellenius 2014): 

  R1
R2

= �δ1
δ2
�
ɵ
,      [3.3] 

where  

R1 and R2 = referenced tip resistance; one value usually is chosen to serve as the target value, 

e.g., the R2 in Figure 3.4.  

δ1 and δ2 = movement mobilized at R1 and R2, respectively. 

ɵ = exponent potentially ranging from a small value through unity; typical shaft tip values for 

sand usually range from 0.5 through 0.8. Here, the fit was obtained by ɵ = 0.73.                                                                                                           
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Note that, for side resistance, the ratio function is often not the most applicable function 

and that hyperbolic and other functions could be chosen (Fellenius 2014). Once suitable functions 

for the tip and side resistance are established, the full load-movement curve of the shaft can be 

calculated as fitted to the target load-movement value of the static loading test, back-analyzed or 

predicted, as the case may be. In the current approach, we assume that the tip resistance develops 

mainly after the side resistance is fully mobilized to its capacity. 

At the elevation of the drilled shaft head, the load equals the dead load (DL) and then 

increases due to the accumulated negative side resistance. The load distribution along the shaft can 

be calculated using Equations 3.4a and 3.4b. 

𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑(𝑧𝑧=𝑧𝑧0) = 𝐷𝐷𝐿𝐿                                                                                                         [3.4𝑎𝑎] 

𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑(𝑧𝑧+𝑑𝑑𝑧𝑧) = 𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑(𝑧𝑧) + 𝑑𝑑𝑧𝑧𝑟𝑟𝑠𝑠�𝑧𝑧+𝑑𝑑𝑧𝑧2 �
𝑃𝑃𝑠𝑠���������

𝑠𝑠𝑠𝑠𝑑𝑑𝑠𝑠 𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑟𝑟𝑟𝑟𝑠𝑠 𝑡𝑡𝑠𝑠𝑟𝑟𝑚𝑚

+ (𝑤𝑤)𝑑𝑑𝑑𝑑���
𝑠𝑠ℎ𝑎𝑎𝑓𝑓𝑡𝑡 𝑢𝑢𝑟𝑟𝑠𝑠𝑡𝑡 𝑤𝑤𝑠𝑠𝑠𝑠𝑤𝑤ℎ𝑡𝑡 𝑡𝑡𝑠𝑠𝑟𝑟𝑚𝑚

   
���������������������������

𝛥𝛥𝐿𝐿𝐿𝐿𝑎𝑎𝑑𝑑𝑧𝑧

            [3.4𝑏𝑏] 

𝑤𝑤ℎ𝑒𝑒𝑟𝑟𝑒𝑒                             𝑟𝑟
𝑠𝑠�𝑧𝑧+𝑑𝑑𝑧𝑧2 �

=  β
�𝑧𝑧+𝑑𝑑𝑧𝑧2 �

 σ
�𝑧𝑧+𝑑𝑑𝑧𝑧2 �
′  .         

Ps is the perimeter of the shaft, and w is the unit weight of the shaft per length.  

In integral form, Equation 3.4 can be rewritten as Equation 3.5: 

𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑(𝑧𝑧) = 𝐷𝐷𝐿𝐿 + ∫ �𝑟𝑟𝑠𝑠(𝑧𝑧)𝑃𝑃𝑠𝑠(𝑧𝑧) + 𝑤𝑤(𝑧𝑧)�  𝑑𝑑𝑑𝑑𝑧𝑧
𝑧𝑧0

          [3.5] 

where z0 is the elevation of the shaft head. 

The resistance curves can be determined using Equations 3.6 through 3.9 for the two 

cases described in the following. 

Case I: No negative side resistance develops before liquefaction. 

In Case I, the location of the NP is at the head of the drilled shaft, and the resistance at the 

head of the shaft would equal the dead load, as expressed by Equation 3.6a: 
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𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧@ℎ𝑠𝑠𝑎𝑎𝑑𝑑) = 𝐷𝐷𝑒𝑒𝑎𝑎𝑑𝑑 𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑.                                            [3.6a] 

At depths below the head of the shaft, the resistance can be calculated by subtracting the 

incremental side resistance, as expressed by Equation 3.6b:  

𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧+𝑑𝑑𝑧𝑧) = 𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧) − 𝑑𝑑𝑧𝑧𝑟𝑟𝑠𝑠�𝑧𝑧+ 𝑑𝑑𝑧𝑧2 �
𝑃𝑃𝑠𝑠���������

∆𝑅𝑅𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑟𝑟𝑟𝑟𝑠𝑠(𝑧𝑧)

  ≥ 0    [3.6b] 

In integral form, Equation 3.6 can be rewritten as Equation 3.7: 

𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧) = 𝐷𝐷𝐿𝐿 − ∫ 𝑟𝑟𝑠𝑠(𝑧𝑧)𝑃𝑃𝑠𝑠(𝑧𝑧)
𝑧𝑧
𝑧𝑧0

𝑑𝑑𝑑𝑑 ≥ 0      [3.7] 

where z0 is the elevation of shaft head. 

Case II: Negative side resistance develops along the shaft, with allowance for 0.4-inch 

downdrag settlement before liquefaction.    

In order to plot the resistance curve for Case II, we start with the tip where the resistance 

is equal to the mobilized tip resistance at an additional settlement of 0.4 inch with respect to short-

term settlement. The short-term case is when no negative side resistance develops along the shaft 

(basically the same as Case I). The short-term tip resistance is the dead load subtracted from the 

shaft resistance, or zero if the shaft resistance is greater than the dead load (Equation 3.6b).  

The ratio function (Figure 3.4) can be used to derive the tip resistance-movement curve. 

With the values of the tip response known, the movement can be obtained using R1
R2

= �δ1
δ2
�
ɵ
, where 

θ is assumed to be 0.73 for the present study of drilled shafts. 

 If the settlement δ1 for a specific tip resistance value R1 is known, then any settlement δ2 

can be estimated knowing the tip resistance R2. AASHTO (2014) recommends using the O'Neill 

and Reese (1999) results for calculating settlements, which is similar to the ratio function used 

here. In sandy soils, the target tip resistance often is considered to be reached when the tip 
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movement is equal to approximately 5 percent of the shaft diameter; this percentage also is used 

here as the movement for the target load applied to the ratio function. 

The short-term settlement then can be calculated for R2 = [the target short-term tip 

resistance] using the ratio function. The 0.4-inch value is added to the short-term settlement and, 

using the ratio function, the mobilized tip resistance at this settlement can be calculated, as shown 

in Equation 3.8a:  

𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧=𝑧𝑧0+𝐿𝐿)  = 𝑀𝑀𝑓𝑓𝑏𝑏𝑠𝑠𝑀𝑀𝑠𝑠𝑑𝑑𝑒𝑒𝑑𝑑  𝑡𝑡𝑓𝑓𝑒𝑒 𝑟𝑟𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒 @ 𝑎𝑎𝑑𝑑𝑑𝑑𝑠𝑠𝑡𝑡𝑠𝑠𝑓𝑓𝑠𝑠𝑎𝑎𝑀𝑀 0.4 𝑠𝑠𝑠𝑠𝑐𝑐ℎ   
𝑡𝑡𝑠𝑠𝑝𝑝 𝑠𝑠𝑒𝑒𝑡𝑡𝑡𝑡𝑀𝑀𝑒𝑒𝑚𝑚𝑒𝑒𝑠𝑠𝑡𝑡 𝑎𝑎𝑓𝑓𝑡𝑡𝑒𝑒𝑟𝑟 𝑠𝑠ℎ𝑓𝑓𝑟𝑟𝑡𝑡 − 𝑡𝑡𝑒𝑒𝑟𝑟𝑚𝑚 𝑐𝑐𝑓𝑓𝑠𝑠𝑑𝑑𝑠𝑠𝑡𝑡𝑠𝑠𝑓𝑓𝑠𝑠           [3.8𝑎𝑎] 

 

The resistance at depths above the tip can be calculated by adding the shaft resistance, as 

shown in Equation 3.8b:  

𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧−𝑑𝑑𝑧𝑧) = 𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧) + 𝑑𝑑𝑧𝑧𝑟𝑟𝑠𝑠�𝑧𝑧− 𝑑𝑑𝑧𝑧2 �
𝑃𝑃𝑠𝑠  

���������
∆𝑅𝑅𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑟𝑟𝑟𝑟𝑠𝑠(𝑧𝑧)

                                          [3.8𝑏𝑏] 

In integral form, Equation 3.8 can be rewritten as Equation 3.9: 

𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑍𝑍) = 𝑅𝑅𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑎𝑎𝑠𝑠𝑐𝑐𝑒𝑒(𝑧𝑧0+𝐿𝐿) + ∫ 𝑟𝑟𝑠𝑠(𝑑𝑑)𝑃𝑃𝑠𝑠(𝑑𝑑)𝑑𝑑𝑑𝑑𝑧𝑧0+𝐿𝐿
𝑍𝑍           [3.9] 

The intersection of the load and resistance curves is the location of the NP. Figure 3.5 

illustrates how Equations 3.4 through 3.9 are used to obtain the load and resistance curves. 

(Note, the intersection of the load and resistance curves is the location of the NP. However, in an 

actual case, the transfer from the load curve to the resistance curve is smooth rather than sudden). 
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Figure 3.5. Load and resistance curves derived from Equations 3.4 through 3.9.  

 

Step 3: Calculate liquefaction-induced drag load. 

For liquefiable layers above the NP, the drag load on the drilled shafts is reduced during a 

liquefaction event, which theoretically results in a slight elongation of the shaft. On the other hand, 

if the layers below the NP liquefy, their side resistance during liquefaction is assumed to drop to 

zero momentarily, as the liquefied layers are assumed to provide no side resistance. (Residual 

strength is sometimes used in practice, however; see Appendix C.) As such, if only a single 

liquefiable layer below the NP exists, the load and resistance curves would coincide with the value 

that corresponds to the bottom of the liquefiable layer, as shown in Figure 3.6. This phenomenon 

is based on the assumption that soil moves downward with respect to the shaft and that negative 

side resistance develops all along the shaft above the liquefiable layer. Although the load curve 

will remain the same above the liquefiable layer, a slight change in the resistance curve will occur, 
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and the NP would shift accordingly to the lowest location of the liquefiable layer (Figure 3.6). The 

corresponding decrease in side resistance during liquefaction would be transferred to the tip, 

resulting in an increase in mobilized tip resistance. After liquefaction, with the increased tip 

resistance, the resistance curve will adjust accordingly, as shown in Figure 3.6. The drag load can 

be calculated using Equation 3.10: 

 (𝐷𝐷𝑟𝑟𝑎𝑎𝐷𝐷 𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑) =   ∫ 𝑟𝑟𝑠𝑠(𝑧𝑧)𝑃𝑃𝑠𝑠(𝑧𝑧)𝑑𝑑𝑑𝑑
𝑧𝑧𝑁𝑁𝑁𝑁
𝑧𝑧0

                                                                       [3.10] 

where zNP indicates the depth of the NP. Equation 3.10 can be used to calculate the drag load 

before, during, and after liquefaction by substituting the appropriate zNP for any of these cases. 

 
Figure 3.6. Calculation of drag load and increase in tip resistance after liquefaction. 
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Note that, in the liquefiable layer, the load curve during liquefaction would be an inclined 

line when considering only the weight of the shaft and making the side resistance equal to zero. If 

the weight of the drilled shaft is ignored, the load and resistance curves will coincide along the 

liquefiable layer. 

The drag load, which is the summation of the negative side resistance along the shaft, 

should be distinguished from the increase in the mobilized tip resistance that is due to liquefaction. 

The drag load affects the structural design of the shaft, whereas the increase in the mobilized tip 

resistance due to liquefaction controls the geotechnical response of the shaft (i.e., settlement). In 

this step, the drag load and the mobilized tip resistance variations are calculated, and the 

corresponding settlement is calculated in the next step. 

Step 4: Calculate liquefaction-induced downdrag. 

 The liquefaction-induced downdrag is calculated based on the increase in tip resistance. To 

estimate the amount of downdrag settlement, the relationship between the tip resistance and 

corresponding settlement should be known. In the absence of actual values from load test data, the 

load-movement (q-z) function (e.g., see Fellenius 2004) discussed in Step 2 can be used. 

The settlement of the shaft can be calculated for three different cases based on the probable 

negative side resistance development: 

• Short-term: No negative side resistance develops along the shaft.  

• Probable long-term after liquefaction: The negative side resistance is assumed to be fully 

developed along the shaft above the NP after liquefaction. The resistance curve after 

liquefaction should be used to find the NP. Note that the resistance curve that matches the 

increased tip resistance due to liquefaction is used to find the NP. 

• Ultimate case: The side resistance is negative all along the shaft. 
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 When a load is applied to a drilled shaft, the side resistance and tip resistance mobilize 

based on the capacity of the shaft and the magnitude of the applied load. In the current approach, 

our assumption is that the tip resistance develops mainly after the side resistance is fully mobilized 

to its capacity. The short-term condition is when no negative side resistance exists and the load is 

assumed to transfer first to the side resistance of the shaft, and the remaining load, if any, transfers 

to the tip resistance of the shaft. (This is a simplified approach used in absence of load-settlement 

test, but provides a very good estimation in case of drilled shafts.) 

Downdrag settlement before liquefaction can occur due to the lowering of the water table, 

the compression of materials on the top layers, placing fill after installing shafts, and/or previous 

earthquakes. In these cases, the negative side resistance is assumed to develop based after 0.4-inch 

settlement, and the resistance curve that matches the mobilized tip resistance is used for the before-

liquefaction case. If no negative side resistance is probable prior to liquefaction, then the 

liquefaction-induced downdrag settlement can be calculated assuming the static NP to be at the 

top of the shaft (i.e., the liquefiable layers are all below the static NP).  

3.4 THE JUAN PABLO II BRIDGE CASE STUDY 

On February 7, 2010, an 8.8 magnitude earthquake struck in the Pacific Ocean just off 

the coast of Chile. The earthquake epicenter was located approximately 208 miles southwest of 

Santiago, 65 miles northeast of Concepción, and 71 miles west-southwest of Talca. The depth 

of the earthquake hypocenter was 22 miles. The earthquake was characterized by its long 

duration (>2 minutes) and strong ground motion. Recorded peak ground accelerations at Station 

Colegio San Pedro, Concepción in the directions of north-south, east-west, and vertical were 

0.65 g, 0.61 g, and 0.58 g, respectively (Yen et al. 2011). The earthquake caused surface 

deformations, structural damage, and loss of life. The transportation network, including roads, 
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embankments, and bridges, were affected significantly. Geotechnical failures included 

landslides, uplifts, and widespread liquefaction, especially along the coastline and rivers. 

Nearly 200 bridges suffered varying degrees of damage to both their superstructures and 

foundations. Many of these bridges were designed after the mid-1950s in accordance with the 

AASHTO Standard Specifications for Highway Bridge Design (Yen et al. 2011).   

The Juan Pablo II Bridge was opened to the public in 1974. It is the longest vehicular 

bridge in Chile, connecting the cities of Concepción and San Pedro de la Paz by traversing the 

Bío-Bío River in the northeast-southwest direction, as shown in Figure 3.7. The bridge is nearly 

1.4 miles long, with more than 70 spans that are 72-ft wide and 108-ft long concrete decks, with 

each span having seven reinforced concrete girders. The span supports are reinforced concrete 

bents founded on two 8.2-ft diameter and approximately 52-ft long piers (Ledezma et al. 2012). 

The piers along this bridge settled appreciably at various locations after the earthquake, forcing 

the bridge to be closed to public access. 

 

 

 

a b 

Column settled with 
surrounding soil 

Figure 3.8. (a) Column settlement under approach and (b) back face of failure plane at northern 

end of Juan Pablo II Bridge (Yen et al. 2011).   
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Figure3.7. Google Earth view of Juan Pablo II Bridge location. 

 

 3.4.1 FIELD OBSERVATIONS 

A team of researchers that toured the area immediately after the earthquake found evidence 

of soil liquefaction and lateral spreading at the northeast approach of the bridge. The team reported 

that the earthquake caused noticeable pier settlement and lateral displacement of the bridge decks, 

with column shear failure and significant displacements and rotations of the bridge bents (Figure 

3.8). Several sand boils were observed near the structure on the north and south sides of the 

embankment as well as around the piers, as shown in Figure 3.9 (Bray and Frost 2010). The volume 

loss from such ejecta will have contributed to the soil and pier settlements. 
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Figure 3.9. Fine-grained material brought to the surface at Juan Pablo II Bridge (Bray and Frost 

2010). 

 

Information regarding 16 SPT boreholes (BHs), which were drilled to about a 40-m depth 

for the post-quake site investigation, showed that the soil profile consisted of sand, sandy silt, silty 

clay, and silty sand. The groundwater table was at the ground level; we assume that the pore 

pressure distribution was distributed hydrostatically, as would be the case for the pervious deposit 

at the site. 

The report by the Geotechnical Extreme Events Reconnaissance (GEER) Association 

(2010) documented that the northeast approach (toward Concepción) of the bridge suffered more 

than the southwest approach (toward San Pedro). For the study reported herein, two piers, Nos. 1-
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2 (BH 16) and 5-6 (BH 10) toward the southwest end of the bridge, and two piers, Nos. 117-118 

(BH 3) and 119-120 (BH 7) toward the northeast, were selected. 

Figure 3.10 presents a plan view of these support pier locations and closest boreholes. 

Verdugo and Peters (2010) reported a range of pier settlements along the Juan Pablo II Bridge after 

the earthquake. The observed settlements of Support Piers 1-2 and 5-6 at the approach toward 

Concepción and Support Piers 117-118 and 119-120 at the approach toward San Pedro were about 

7.9, 15.7, 17.7, and 25.6 inches, respectively.  

 

 

Figure 3.11 through Figure 3.18 present the potentially liquefiable zones, as determined 

using the Youd et al. (2001) procedure. Three potentially liquefiable zones can be found along the 

lengths of the embedded piers. The first zone is at the ground surface and is about 10-ft thick. The 

second and third zones are 3-ft and 13-ft thick, respectively, and are located between the depths of 

23 ft through 26 ft and 29 ft through 43 ft, respectively. At BH 3, an approximately 3-ft thick 

liquefiable zone can be identified right at the pile tip. Three additional zones, approximately 6-ft 

to 25-ft, thick, are present below the pile tip, starting at depths of about 80 ft, 105 ft, and 108 ft, 

Closest 
BH16 

Closest 
BH10 

Closest 
BH3 

Closest 
BH7 

Pier Nos. 

1-2 

Pier Nos. 

5-6 

Pier Nos. 

117-118 

Pier Nos. 

119-120 

Concepció
 

San Pedro 

7,500 ft. 

Figure 3.10: Schematic diagram of piers and nearby boreholes along Juan Pablo II Bridge. 
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respectively. Variations in the thickness and location of the liquefiable zones are likely to exist 

between the boreholes. 

SPT blow count correction factors, such as correction for the borehole diameter (CB), 

sampler type (CS), rod length (CR), and hammer energy ratio (CE), are assumed to be 1.05, 1.0, 

0.85, and 0.85, respectively, and the maximum overburden correction factor (CN) is 1.7. Fine 

content variation with depth and normalized SPT N-values, (N1)60, were applied to determine the 

liquefiable zone identified in Figures 3.11 through 3.18. Additional liquefaction susceptibility key 

parameters, such as the cyclic stress ratio, ratio of total stress to effective stress (σv/σv'), and stress 

reduction coefficient (rd), are in the ranges of 0.4 to 0.9, 2.0 to 2.2, and 0.4 to 1.0, respectively. 

Values of (N1)60 below 30 blows/ft were considered representative of a liquefiable zone, as 

indicated in Figures 3-11 to 3.18. Although the method supposedly applies only to depths above 

80 feet, it has been used to delineate the liquefiable zones below 80 feet also. 
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Figure 3.11. Borehole 3 grain size, water content, corrected SPT (N1)60, and N-values with 

depth.  

 

Figure 3.12. Borehole 3 grain size with percent passing #200 sieve. 
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Figure 3.13. Borehole 7 grain size, water content, corrected SPT (N1)60, and N-values. 

 

Figure 3.14. Borehole 7 grain size with percent passing #200 sieve. 
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Figure 3.15. Borehole 10 grain size, water content, corrected SPT (N1)60, and N-values.  

 

Figure 3.16. Borehole 10 grain size with percent passing #200 sieve. 
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Figure 3.17. Borehole 16 grain size, water content, corrected SPT (N1)60, and N-values. 

 

Figure 3.18. Borehole 16 grain size with percent passing #200 sieve. 
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As mentioned, the borehole records show that the Juan Pablo II Bridge site contained 

liquefiable zones within the pier embedment length and below the pier tip level. BH 7 includes 

two liquefiable zones, 6-ft and 16-ft thick, at the ground level and at depths of 26 ft through 42 ft, 

respectively. Three additional zones with varying thicknesses ranging from 13 ft to 16 ft were 

identified at depths of 65 ft, 89 ft, and 112 feet. BH 10 also comprises two liquefiable zones 

between the depths of 6 ft through 16 ft and 36 ft through 46 ft, respectively, within the pier depth. 

The other two zones were found at depths of 72 ft and 112 ft with thicknesses of 16 ft and 6 feet. 

BH 16 consists of four liquefiable zones within the pier embedment length; those thicknesses 

varied from 3 ft to 6 ft between the ground level and depths of 3 ft, 20 ft through 26 ft, 30 ft through 

33 ft, and 43 ft through 46 feet, respectively. In addition, four more zones were identified at depths 

of 62 ft, 82 ft, 89 ft, and 118 ft with thicknesses of 6 ft, 3 ft, 10 ft, and 13 ft, respectively. 

3.4.2 SOIL SETTLEMENT  

The soil information presented in Figure 3.11 through Figure 3.18 shows the post-quake 

conditions and identifies potentially liquefiable zones. Tokimatsu and Seed (1987) proposed a 

correlation for post-liquefaction volumetric compressions of liquefiable zones. Their procedure 

estimates the volumetric strains from the correlation to (N1)60 and the cyclic stress ratio via a family 

of curves. The post-liquefaction settlement is calculated by integrating the volumetric strain over 

the thickness of each liquefiable zone. 

For this study, each liquefiable zone was divided into sub-zones with constant SPT N-

values. The cumulative post-liquefaction settlement was obtained by summing the settlements of 

the individual zones. Figure 3.19 shows the distribution of the post-liquefaction settlements 

calculated at the four borehole locations. It is interesting to note that major settlement occurred 

below the pier tip level. 
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Figure 3.19. Post-liquefaction soil settlement profile near Boreholes 3, 7, 10, and 16 using the 

Tokimatsu and Seed (1987) procedure. 
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3.4.3 LIQUEFACTION-INDUCED DOWNDRAG ANALYSIS BASED ON THE 
MODIFIED UNIFIED ANALYSIS METHOD FOR DRILLED SHAFTS  

The proposed method discussed in Section 3.3 was applied in this study to the liquefaction-

induced downdrag analysis of the Juan Pablo II Bridge. Pier 117, which is close to BH 3, is 

analyzed in this section.   

Step 1: Prepare input data 
 

Section 3.4.2 presents the soil properties. The average load per pier was estimated to be 

2,855 kips, which was calculated based on the weight of the bridge span, girder, wearing surface, 

and column. The unit weight of the concrete was assumed to be 150 pcf, and the unit weight of the 

steel was assumed to be 480 pcf. The length of the drill shaft was 52.5 ft and the diameter was 5.2 

feet.  

Step 2: Calculate the side resistance and tip resistance, and then plot the load and resistance 

curves. 

Immediately after construction, which is a short-term condition, the load would have been 

supported by side resistance, Rs, acting along the full length of the pier, with the remaining being 

the mobilized tip resistance, Rt. The calculations were performed based on the groundwater table 

located at the ground surface, hydrostatic pore pressure distribution, and soil density of 125 pcf. 

The side resistance of the shaft was calculated using Equation 1, and the load and resistance curves 

were plotted as shown in Figure 3.20 for both Cases I and II. The NP location can be seen at the 

intersection of the load and resistance curves. 
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Figure 3.20. Load and resistance curves and neutral plane locations for drilled shafts before 

liquefaction for (a) Case I and (b) Case II analyses. The NP is located at the drilled shaft head for 

Case I analysis and at z = -5.4 ft for Case II analysis. 
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Step 3:  Calculate the liquefaction-induced drag load. 

Figure 3.21 shows the increase in the tip resistance after liquefaction for the Case I analysis. 

This figure also shows the location of the NP before, during, and after liquefaction. The drag load 

after liquefaction and the increase in tip resistance that is due to liquefaction can be calculated 

using the curves, as shown in the figure. Table 3.1 lists the ultimate drag loads and NP locations 

after liquefaction. No difference is evident in the calculated drag load between the Case I and Case 

II analyses. 

 

Figure 3.21. Load-resistance curves and neutral plane (NP) locations for different conditions: 

before, during, and after liquefaction. The load curve is the same before and after liquefaction. 

During liquefaction, the NP moves to the lowest point of the liquefiable layer. The drag load 

before liquefaction is zero because the NP is at the head of the shaft for Case I. Case II analysis 

would be similar; the only difference is the resistance curve before liquefaction, which is shown 

in Figure 3.20. 
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Table 3.1. Drag loads for pier 117 of Juan Pablo II Bridge 

 Case I Case II 
Max drag load before liquefaction 

(% of ultimate drag load) 
0.0 kips 

(0%) 
24 kips 
(1%) 

Max drag load after liquefaction 
(% of ultimate drag load) 

1,271 kips 
(57%) 

1,271 kips 
(57%) 

Ultimate drag load 2,221 kips 2,221 kips 
NP location before liquefaction (ft) 0 -5.4 
NP location after liquefaction (ft) -33.4 -33.4 

 

Step 4: Calculate liquefaction-induced downdrag. 

Figure 3.22 shows the load distribution for the Case I analysis where the NP for the short-

term condition is at the shaft head. The figure shows a probable long-term condition after 

liquefaction distribution for a NP located at a depth of about 33 feet. This location corresponds to 

3,443-kip tip resistance. The maximum total tip resistance for a NP located right at the tip thus 

equals 5,486 kips. 

Figure 3.22 also includes the variation in tip penetration that was calculated according to 

Equation 3.3 with an exponent of θ = 0.7. The curve indicates that the short-term and long-term 

conditions after liquefaction and the maximum long-term shaft tip movements are 0.9 in., 9.6 in., 

and 18.1 in., respectively. The maximum long-term distribution after liquefaction can occur if the 

soil around the shaft settles more than the shaft itself. This situation might be the case for the Juan 

Pablo II Bridge piers, as several liquefiable layers were located below the shaft tips. Moreover, if 

the sand below the tip, i.e., deeper than 52.5 ft, would have been unaffected by the quake, then the 

indicated 9.6 in. minus 0.9 in. = 8.5-in. tip movement is the maximum possible movement of the 

tip due to liquefaction and, therefore, the maximum possible movement also of the pier. No amount 

of liquefaction-caused soil settlement above the tip, even that due to the soil loss from ejecta (the 

geyser action and sand boils), would have induced any larger settlement of the piers than that 

shown in Figure 3.22 for the maximum long-term condition.  
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As the pier settlements are larger than the probable long-term post-liquefaction settlement, 

the liquefaction that affected the piers might have caused a final downdrag calculated as 18.1 ft 

minus 0.9 ft = 17.2 feet. The ultimate downdrag compares well with the pier settlement measured 

at the site for BH 3, which is 17.7 inches. Assuming that only the probable long-term post-

liquefaction settlement (8.5 in.) was due to downdrag, the rest of the settlement (17.7 in. minus 8.5 

in. = 9.2 in.) could be due to the effect of liquefaction below the pier tip level. The pier settlement 

that was the accumulation of volume loss in the various liquefiable zones at and below about 52.5 

ft may have resulted in a mere 10-in. settlement (Figure 3.19). Either way, the downdrag settlement 

played a major role in the observed large pier settlement.  

Over a 35-year long term, the sand around the piers will have settled a fraction of an inch, 

assumed to be 0.4 in., which will have resulted in negative side resistance along the upper part of 

a drilled shaft and increased the tip resistance. Figure 3.23 presents the Case II analysis results. 

Table 3.2 lists the downdrag settlements and shows that the Case I and Case II analysis results 

exhibit practically the same downdrag settlements. 

Table 3.2. Downdrag settlements for pier 117 Close to BH 3 

  Short-term 
settlement 

(inch) 

Long-term 
downdrag 

settlement before 
liquefaction (inch) 

Long-term 
downdrag 

settlement after 
liquefaction (inch) 

Ultimate 
downdrag 
settlement 

(inch) 
Case I 0.9 NA 9.6 18.1 
Case II 0.9 1.4 9.6 18.1 

 

Pier 1 near BH 16, Pier 5 near BH 10, and Pier 119 near BH 7 also were analyzed using 

the modified unified method. Table 3.3 provides a summary of the downdrag settlement of the 

piers, and Table 3.4 provides a summary of the drag loads. 

Based on the discussion of the liquefaction-induced settlement for Pier 117, the minimum 

settlement expected is the downdrag after liquefaction, and the maximum settlement expected is 
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the ultimate downdrag plus the soil settlement from the layers below the shaft’s tip. For Piers 1, 5, 

and 119, the settlement then is expected to be in the range of 7.5 to 20 in., 6.5 to 15.4 in., and 8.3 

to 23.1 in., respectively. The settlement results obtained from the modified unified method are 

close to the lower bound for Pier 1 (7.9 in.) and close to the upper bounds for Pier 5 (15.7 in.) and 

Pier 119 (25.6 in.). For Pier 117, the expected settlement range is 8.5 in. to 28.2 in., with the 

observed settlement (17.7 in.) being in the middle of the expected settlement range. 
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Figure 3.22. Load distribution for short-term and long-term conditions and corresponding pile tip 

penetration (Case I). 
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Figure 3.23. Load distribution for short-term and long-term conditions and corresponding pile tip 

penetration (Case II). 
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Table 3.3. Downdrag settlements for piers 1, 5, and 119 

  

Short-
term 

settlement 
(in.) 

Long-term 
downdrag 

settlement before 
liquefaction (in.) 

Long-term 
downdrag 

settlement after 
liquefaction (in.) 

Ultimate 
downdrag 
settlement 

(in.) 
Pier 1 Case I 0.7 NA 8.2 12.0 

 Case II 0.7 1.1 8.2 12.0 
Pier 5 Case I 0.7 NA 7.2 11.4 

 Case II 0.7 1.1 7.2 11.4 
Pier 119 Case I 1.7 NA 10.0 17.3 

 Case II 1.7 2.1 10.0 17.3 
 

Table 3.4. Drag loads for piers 1, 5, and 119 

  

Max drag load 
before 

liquefaction (% 
of ultimate drag 

load) 

Max drag load 
after 

liquefaction (% 
of ultimate drag 

load) 

Ultimate 
drag load 

(kips) 

NP location 
before 

liquefaction 
(ft) 

NP location 
after 

liquefaction 
(ft) 

Pier 1 Case 
I 

0.0 kips 
(0%) 

1572 kips 
(71%) 2203 0.0 -41.5 

 Case 
II 

55 kips 
(2.5%) 

1572 kips 
(71%) 2203 -6.1 -41.5 

Pier 5 Case 
I 

0.0 kips 
(0%) 

1453 kips 
(67%) 2176 0.0 -38.0 

 Case 
II 

68 kips 
(3%) 

1453 kips 
(67%) 2176 -6.4 -38.0 

Pier 119 Case 
I 

0 kips 
(0%) 

1116 kips 
(59%) 1897 0.0 -32.1 

 Case 
II 

24 kips 
(1%) 

1116 kips 
(59%) 1897 -5.4 -32.1 
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CHAPTER 4: LIQUEFACTION-INDUCED DOWNDRAG ANALYSIS: APPLICATION 

TO DRILLED SHAFTS IN BRIDGES IN WASHINGTON STATE  

4.1 INTRODUCTION 

The methodology developed in Chapter 3 is illustrated in this chapter for two field site 

profiles in the State of Washington. The first site is at the interchange between Interstate 5 (I-5) 

and State Route (SR) 432. The second case involves a bridge site on NE 139th Street near the I-

5/I-205 interchange. Both sites contain soils that are potentially liquefiable under seismic loading. 

The step-by-step application of the methodology is presented in this chapter for one of the piers 

considered in the original design at the interchange between I-5 and SR 432. For brevity of the 

main text, additional details of the analysis for all the piers at this site as well as for the piers for 

the second field case are presented in Appendix B. The analysis results, including downdrag 

settlements and drag loads, are summarized in this chapter for both case studies. 

4.2 I-5/SR 432 TALLEY WAY INTERCHANGE 

As part of the initial design considerations, WSDOT engineers originally considered the 

use of either 2.5-ft diameter closed-toe steel pipe driven piles or an 8-ft diameter drilled shaft to 

support the bridge structure at the I-5/SR 432 Talley Way interchange. However, given that the 

site profile consisted of several potentially liquefiable layers, the final foundation design called for 

shallow spread footings, which were supported on a raft of stone columns, with a buried strut 

between the piers. Nonetheless, the initial design that considered piles and drilled shafts presents 

a useful case for illustrating the liquefaction-induced downdrag analysis methodology developed 

in this study. 
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Tables 4.1 and 4.2 present the soil parameters along the depth of the profiles for Pier 1 and 

Pier 2, respectively. Figure 4.1 shows a cross-section of the ramp structure, along with the soil 

profile and location of the piers at the Talley Way interchange. Figure 4.2 presents the site map 

for the interchange, which shows the existing topography. The profile at the site consisted mainly 

of loose sand up to a depth of about 150 feet. To illustrate the steps involved in the application of 

the proposed method, the design with the 8-ft diameter drilled shaft is analyzed in detail. 
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Table 4-1. Soil profile under pier 1 

 
Table 4-2. Soil profile under pier 2 

 

 

 

  

Layer Soil Type Layer Thickness  
(ft) (N1)60 Liquefaction  

Potential 
Eff. Unit Weight  

(pcf) 
1 Sand 11 31 No 56 
2 Sand 5 21 No 56 
3 Sand 5 2 Yes 48 
4 Sand 5 1 Yes 48 
5 Sand 12 3 Yes 48 
6 Sand 23 3 Yes 48 
7 Sand 35 3 Yes 48 
8 Sand 10 2 Yes 63 
9 Sand 45 3 Yes 53 
10 Sand 10 19 No 63 

Layer Soil Type Layer Thickness 
(ft) 

(N1)60 Liquefaction 
Potential 

Eff. Unit Weight  
(pcf) 

1 Sand 10 10 No 58 
2 Sand 5 32 No 58 
3 Sand 7 2 Yes 48 
4 Sand 10 3 Yes 48 
5 Sand 10 2 Yes 48 
6 Sand 40 1 Yes 48 
7 Sand 30 5 Yes 48 
8 Sand 32 3 Yes 48 
9 Sand 8 15 No 48 
10 Sand 12 19 No 73 
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Figure 4-1. Cross-section of ramp structure, soil profile, and location of piers for Talley Way interchange. 
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Figure 4.2. Site map for Talley Way interchange.
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4.2.1 STEP-BY-STEP ANALYSIS PROCEDURE 

The analysis discussed in this section assumes no initial downdrag on the drilled shafts in 

sandy soils (Case I in Section 3.3.1). For comparison purposes, however, Case II analysis, which 

allows for limited downdrag of 0.4 in., also was carried out. Appendix B presents the details. 

 
Steps 1: Prepare input data 

 
   Table 1, and 2 present the soil parameters along the depth of the profiles for Pier 1 

and Pier 2, respectively. The SPT N-values are used to calculate the side and tip resistance based 

on Equations 3.1, and 3.2 in section 3.3.1. The dead load on drilled shafts are 500 kips. 

Step 2: Calculate the shaft resistance and tip resistance, and plot the load and resistance 
curves. 

Figure 4.3 presents the load and resistance curves for the Pier 2 drilled shaft in the Talley 

Way interchange. The location of the NP is at the intersection of the two curves, which would 

always be at the head of the shaft for Case I. 
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Figure 4.3.  Load and resistance curves and neutral plane location for drilled shaft before 

liquefaction is assumed to occur at Pier 2 of the Talley Way interchange. The NP is located at the 

drilled shaft head before liquefaction. 

 

Step 3: Calculate liquefaction-induced drag load. 

  Figure 4.4 presents the load and resistance curves and neutral plane locations for different 

conditions: before, during, and after liquefaction. The load curve is the same before and after 

liquefaction, and during liquefaction the neutral plane moves to the lowest point of the liquefiable 

layer.  Table 4.3 presents the drag loads, and the NP locations for different conditions as shown in 

figure 4.4. The maximum drag load after liquefaction is roughly half of ultimate drag load. 
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Figure 4.4. The resistance curve is shown by the dashed line. The drag load before liquefaction is 

zero because the neutral plane is at the head of the shaft. 

 

 

Table 4.3. Drag loads for Talley Way interchange drilled shafts 

  Pier 1 Pier 2 
 Case I Case II Case I Case II 
Max drag load before liquefaction 

(% of ultimate drag load) 
0 kips 
(0%) 

1515 kips 
(37%) 

0 kips 
(0%) 

1168 kips 
(36%) 

Max drag load after liquefaction 
(% of ultimate drag load) 

2218 kips 
(54%) 

2223 kips 
(54%) 

1811 kips 
(56%) 

1812 kips 
(56%) 

Ultimate drag load 4107 kips 4107 kips 3252 kips 3252 kips 
NP location before liquefaction (ft) 25.0 -55.3 25.0 -49.5 
NP location after liquefaction (ft) -77.7 -77.7 -76.6 -76.6 

 

 Step 4: Calculate liquefaction-induced downdrag. 

 Figure 4.4 shows the increase in tip resistance after liquefaction for Pier 2 at the Talley 

Way interchange. It also shows the load distributions for the short-term, probable long-term after 
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liquefaction, and the ultimate conditions. The corresponding tip resistances are 0, 1633, and 4870 

kips, respectively.  

For the probable long-term resistance after liquefaction, the tip resistance becomes 1,633 

kips (Figure 4.5). Using the ratio function, the corresponding settlement becomes 5.7 inches. The 

difference between this value and the short-term settlement before liquefaction, δ = 0 in., is the 

liquefaction-induced downdrag settlement, which equals 5.7 inches. For the ultimate condition, 

the tip resistance becomes 4,870 kips and would result in a settlement of 25.3 inches.  

Analysis also was carried out for the 8-ft diameter drilled shaft installed in Pier 1; Appendix 

B presents the details. Table 4.4 presents the downdrag settlements for both piers.  

 

Table 4.4. Downdrag settlements for Talley Way interchange piers 

  Short-term 
settlement (in.) 

Long-term 
downdrag 

settlement before 
liquefaction (in.) 

Long-term downdrag 
settlement after 
liquefaction (in.) 

Ultimate 
downdrag 
settlement 

(in.) 
Pier 1 Case I 0 NA 4.2 21.9 

 Case II 0 0.4 4.2 21.9 
Pier 2 Case I 0 NA 5.7 25.3 

 Case II 0 0.4 5.7 25.3 
 

The potential for large settlements for the liquefaction-induced downdrag shown in Table 

4.4 for the ultimate case confirms that WSDOT was prudent to have improved the soil using stone 

columns, as was done in the final design.  
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Figure 4.5. The load distribution (top) and downdrag settlements (bottom) for short-term, long-

term after liquefaction, and ultimate conditions. 
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4.3 BRIDGE ON NE 139TH ST INTERCHANGE (I-5/I-205) 

The bridge on NE 139th Street near the I-5/I-205 interchange has ten piers supported by 

drilled shafts. Borings and in situ test results confirmed the existence of potential liquefiable layers 

below the piers. Figure 4.6 shows the plan view and location of the bridge. Table 4.5 presents the 

diameter and length of the drilled shafts used as well as the corresponding dead loads at the top of 

the shafts for each of the ten piers. The site contains loose soil up to depths of 40 ft to 50 ft below 

the ground surface. All the drilled shafts for the NE 139th Street project were founded on sound 

bearing soil at the tip.  

 

Figure 4.6. NE 139th Street interchange (I-5/I-205).  
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Table 4.5. Shaft diameters and lengths, and dead loads on top of shafts for NE 139th Street 
Bridge Piers 

  Shaft 
Diameter 

(ft) 

Shaft  
Length 

(ft) 

Dead Load at 
Top of Shaft 

(kip) 
Pier 1 6.0 75.0 836.0 
Pier 2 9.0 90.0 1600.0 
Pier 3 9.0 100.0 1570.0 
Pier 4 9.0 95.0 1390.0 
Pier 5 9.0 95.0 1005.0 
Pier 6 9.0 114.0 1650.0 
Pier 7 9.0 117.0 1700.0 
Pier 8 9.0 105.0 1700.0 
Pier 9 9.0 105.0 1650.0 
Pier 10 6.0 75.0 580.0 

  

Details of analysis for Pier 2 of the bridge structure for the NE 139th Street bridge project 

based on Case I analysis is presented in Figures 4.7 and 4.8.  Following the same approach for the 

Talley Way interchange case study, we used the SPT N-values (Table 4.6) to plot the load and 

resistance curves. Figure 4.7 shows the load and resistance curves for short-term, during 

liquefaction, and after liquefaction conditions.   

 

Table 4.6. Soil profiles under Pier 2 of bridge structure for NE 139th Street project 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 7 23 No 56 
2 Sand 7 7 Yes 56 
3 Clay 3 1 No 56 
4 Sand 12 4 Yes 56 
5 Sand 10 11 Yes 56 
6 Sand 15 20 Yes 56 
7 Sand 5 27 No 56 
8 Sand 71 50 No 78 
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Figure 4.7. Load and resistance curves before, after, and during liquefaction for Pier 2 of NE 

139th Street Bridge. 

 

Figure 4.8 shows the downdrag settlements for the short-term, long-term after liquefaction, 

and ultimate conditions. The settlement for the short-term condition was estimated to be zero, and 

in the ultimate condition (with negative side resistance along the shaft), the downdrag settlement 

would be 12.2 inches. The drag load on the drilled shaft can increase up to 778 kips, which is 19 

percent of the ultimate drag load and 49 percent of the dead load.  
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Figure 4.8. Load distribution and downdrag settlements for short-term, probable long-term after 

liquefaction, and ultimate conditions. 
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The proposed methodology was used to estimate the potential downdrag settlements and 

drag loads for all ten piers; Appendix B presents the details. Table 4.7 and Table 4.8 provide a 

summary of the settlements and the drag loads, respectively. Based on the method preferred by 

WSDOT (Case I), the liquefaction-induced downdrag settlement is zero for all the shafts. The 

reason for zero settlement is that the drilled shafts were long enough to resist the loads on them 

only by a portion of their side resistance; thus, even after liquefaction, the mobilized tip resistance 

remained close to zero. The drag load due to liquefaction was not sufficient to mobilize all of the 

side resistance, and so, the tip resistance did not increase in any of the shafts. Even if some negative 

side resistance developed along the shaft before liquefaction, thus mobilizing the tip resistance so 

that it would not be zero, no liquefaction-induced settlement would occur. Based on Case II 

analysis, we suggest that a fraction of downdrag settlement before liquefaction (assumed to be 0.4 

in.) can be seen as heave after liquefaction for Piers 1, 2, and 10.    
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Table 4.7. Downdrag settlements for NE 139th Street project 

  

Short-
term 

settlement 
(in.) 

Long-term 
downdrag 

settlement before 
liquefaction (in.) 

Long-term 
downdrag 

settlement after 
liquefaction (in.) 

Ultimate 
downdrag 
settlement 

(in.) 
Pier 1 Case I 0.0 NA 0.0 7.7 

 Case II 0.0 0.4  0.0* 7.7 
Pier 2 Case I 0.0 NA 0.0 12.2 

 Case II 0.0 0.4  0.0* 12.2 
Pier 3 Case I 0.0 NA 0.0 14.4 

 Case II 0.0 0.4 0.4 14.4 
Pier 4 Case I 0.0 NA 0.0 13.2 

 Case II 0.0 0.4 0.4 13.2 
Pier 5 Case I 0.0 NA 0.0 13.1 

 Case II 0.0 0.4 0.4 13.1 
Pier 6 Case I 0.0 NA 0.0 19.3 

 Case II 0.0 0.4 0.4 19.3 
Pier 7 Case I 0.0 NA 0.0 20.7 

 Case II 0.0 0.4 0.4 20.7 
Pier 8 Case I 0.0 NA 0.0 16.9 

 Case II 0.0 0.4 0.4 16.9 
Pier 9 Case I 0.0 NA 0.0 15.6 

 Case II 0.0 0.4    0.4 15.6 
Pier 10* Case I 0.0 NA    0.0 6.8 

 Case II 0.0 0.4  0.0* 6.8 
* Liquefaction-induced heave can be a fraction of the settlement before liquefaction, which is 
assumed to be 0.4 inch. 
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Table 4.8. Drag loads for NE 139th Street project 

  

Max drag load 
before liquefaction 
(% of ultimate drag 

load) 

Max drag load 
after liquefaction 

(% of ultimate 
drag load) 

Ultimate 
drag load 

(kips) 

NP location 
before 

liquefaction 
(ft) 

NP location 
after 

liquefaction 
(ft) 

Pier 1 Case 
I 

1.0 kips 
(0%) 

325 kips 
(20%) 1598 181.0 141.0 

 Case 
II 

444 kips 
(27%) 

327 kips 
(20%) 1598 135.3 141.1 

Pier 2 Case 
I 

0.0 kips 
(0%) 

778 kips 
(19%) 4108 180.0 138.6 

 Case 
II 

1272 kips 
(31%) 

778 kips 
(19%) 4108 127.5 138.6 

Pier 3 Case 
I 

0 kips 
(0%) 

427 kips 
(9%) 4733 180 150.4 

 Case 
II 

1551 kips 
(33%) 

1551 kips 
(3 %) 4733 118.6 118.6 

Pier 4 Case 
I 

0.0 kips 
(0%) 

631 kips 
(14%) 4521 180.0 141.2 

 Case 
II 

1546 kips 
(34%) 

1546 kips 
(34%) 4521 121.6 121.6 

Pier 5 Case 
I 

0.0 kips 
(0%) 

448  kips 
(9%) 4799 180.0 150.5 

 Case 
II 

1857 kips 
(39%) 

1857 kips 
(39%) 4799 115.7 115.7 

Pier 6 Case 
I 

0.0 kips 
(0%) 

521 kips 
(11%) 6257 177.0 144.6 

 Case 
II 

2514 kips 
(36%) 

2514 kips 
(36%) 6257 111.0 111.0 

Pier 7 Case 
I 

0 kips 
(0%) 

741 kips 
(11%) 6663 176.0 140.0 

 Case 
II 

2428 kips 
(37 %) 

2428 kips 
(37%) 6663 109.0 109.0 

Pier 8 Case 
I 

0.0 kips 
(0%) 

670 kips 
(12%) 5452 172.0 136.1 

 Case 
II 

1850 kips 
(34%) 

1850 kips 
(34%) 5452 110.4 110.4 

Pier 9 Case 
I 

0 kips 
(0%) 

778 kips 
(15%) 5059 185.0 146.0 

 Case 
II 

1666 kips 
(33 %) 

1666 kips 
(33%) 5059 121.1 121.1 

Pier 10 Case 
I 

0 kips 
(0%) 

397 kips 
(25%) 1603 188.0 152.7 

 Case 
II 

571 kips 
(36%) 

397 kips 
(25%) 1603 141.0 152.7 
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4. 4. DISCUSSION OF THE NEED TO ACCOUNT FOR 0.4 IN. DOWNDRAG BEFORE 
LIQUEFACTION (CASE II)  

 For the Case II analysis, the resistance curve that matches the 0.4 inch mobilized tip 

resistance was used to find the NP before liquefaction. As a result, the probable long-term before 

liquefaction condition could be distinguished as the case where the negative side resistance is 

assumed to develop along the shaft above the NP prior to liquefaction. The procedure to find the 

resistance curve before liquefaction is given below for Pier 2 of the Talley Way interchange 

structure. 

(1) Find the short-term settlement. 

With the values of the tip resistance known, the corresponding settlements were calculated 

using the ratio function (Eq. 3.3). The base diameter of the shaft is 8 ft and the tip resistance was 

calculated as 3,817 kips (Eq. 3.2). The ratio function parameters would be: 

 δ1 = 5% of base diameter = 4.8 in. 

 R1 = [tip resistance] = 3,817 kips 

 θ = 0.7   

Using the ratio function, the settlement can be calculated using Equation 4.1: 

𝛿𝛿2 = 𝛿𝛿1 �
𝑅𝑅2
𝑅𝑅1
�
1
𝜃𝜃

= 4.8 �
𝑅𝑅2

3,817 kips 
�
1
0.7

 𝑠𝑠𝑠𝑠.                         (4.1) 

If the tip resistance does not mobilize prior to liquefaction, then the settlement would be zero, as 

is the case here. If not, the short-term settlement can be calculated using Equation 4.1.  

(2) Determine the long-term settlement and mobilized tip resistance of the shaft before 

liquefaction. 

The settlement of the shaft before liquefaction is calculated using Equation 3.8a, and the 

mobilized tip resistance is calculated using the ratio function (Eq. 3.3). Figure 4.9 shows the load 
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distributions and settlement curves, assuming a long-term downdrag settlement of 0.4 in. before 

liquefaction. Note that the liquefaction-induced downdrag settlement and drag load remain the 

same as for Case I discussed in Section 4.2. If the liquefaction-induced downdrag settlement is 

more than 0.4 in., then Cases I and II would have the same results, as is the case for pier 2 of Talley 

Way interchange structure. 
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Figure 4.9. Downdrag settlements for short-term, long-term before and after liquefaction, and 

ultimate conditions for Pier 2 of the Talley Way interchange structure (Case II analysis). 
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4.4.3. Multiple liquefiable layer 

 

For Case I, the same methodology discussed in Section 3.3.1 would apply, even if multiple 

liquefiable zones are present that cannot be combined into a single-layer zone approximation. 

However, for Case II, the procedure must be considered for the different cases, as described below. 

All liquefiable layers located above the NP 

If all the liquefiable layers are above the NP, the drag load and tip resistance would not 

change compared to the Case II analysis. Figure 4.10 shows the load and resistance curves before, 

during, and after liquefaction for Pier 9 of the NE 139th Street Bridge where all the liquefiable 

layers are located above the NP before liquefaction. The drag load also does not change compared 

to that before liquefaction. Note that the resistance curves before and after liquefaction are 

identical.  
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Figure 4.10. Load and resistance curves before, after, and during liquefaction for Pier 9 of NE 

139th Street Bridge. All liquefiable layers are above the NP.  

 

Some layers located above the NP and some layers located below the NP 

Figure 4.11 (a) shows the load and resistance curves before, after, and during liquefaction for 

Pier 10 of the NE 139th Street Bridge where some liquefiable layers are located above the NP and 

some below, and where all layers are assumed to be liquefied. Figure 4.11 (b) shows the load and 

resistance curves, assuming that only the layers below the NP are liquefied. The location of the 

NP is lower in Figure 4.11 (b) compared to Figure 4.11 (a). The downdrag settlement for Case (b) 

is 1.0 in., whereas for Case (a) it is 0.0 inch. The drag load for Case (a) is 397 kips and for Case 

(b) it is 701 kips.  
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Therefore, if some layers are located above the NP and some layers are located below the NP, 

in order to have a conservative liquefaction-induced downdrag design, the liquefiable layers above 

the NP might not be considered liquefied. Both of the piers in the Talley Way interchange structure 

and Piers 1, 2, and 10 of the NE 139th Street Bridge have some liquefiable layers below the NP 

and some above the NP. Table 4.9 provides a comparison of the liquefaction-induced downdrag 

settlements and drag loads, assuming all layers to be liquefied, Case (a), and only layers below the 

NP to be liquefied, Case (b).    
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Figure 4.11. Load and resistance curves before, after, and during liquefaction for Pier 10 of NE 

139th Street Bridge: (a) all liquefiable layers are considered to be liquefied and (b) the liquefiable 

layers above the neutral plane are not liquefied during an earthquake. 
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Table 4.9. Comparison of liquefaction-induced downdrag settlements and drag loads for case (a) 
and case (b) analyses (Figure 4.11) 

  Drag Load 
(Case a) 

Drag 
Load 
(Case b) 

Downdrag 
(Case a) 

Downdrag 
(Case b) 

Talley Way 
interchange 
structure 

Pier 1 2223 Kips 2934 kips 4.2 inch 10.0 inch 

Pier 2 1812 kips 2394 kips 5.6 inch 12.8 inch 

NE 139th 
Street Bridge 

Pier 1 327 kips 604 kips 0.0 inch 1.1 inch 
Pier 2 778 kips 1497 kips 0.0 inch 1.0 inch 
Pier 10 397 kips 701 kips 0.0 inch 1.0 inch 

 

4. 5. COMPARISON OF DRAG LOAD DERIVED FROM THE MODIFIED UNIFIED 
METHOD AND FROM THE CURRENT APPROACH USED BY WSDOT 

The WSDOT Geotechnical Design Manual indicates that engineering judgement is 

required to determine the magnitude of a drag load. The load should be somewhere between the 

extreme residual side friction and the nominal side friction. It is common practice at WSDOT to 

assume that the drag load is the average of the extreme residual resistance and the nominal side 

resistance. However, this recommendation does not work well when the variation of the residual 

side friction and nominal side friction is large. Table 4.10 shows that the modified unified method 

would lead to lower liquefaction-induced drag loads than the WSDOT manual recommendations. 

The results are based on the assumption of zero residual strength in the liquefiable layers.     

Assume that the nominal side friction load is 𝑅𝑅𝑠𝑠𝑟𝑟𝐿𝐿𝑚𝑚𝑠𝑠𝑟𝑟𝑎𝑎𝑛𝑛 and the side friction load along the 

liquefiable layers is 𝑅𝑅𝑠𝑠𝐿𝐿𝑠𝑠𝐿𝐿𝑢𝑢𝑠𝑠𝑓𝑓𝑠𝑠𝑎𝑎𝐿𝐿𝑛𝑛𝑠𝑠 .The extreme residual side friction then can be calculated using 

Equation 4.2: 

𝑅𝑅𝑠𝑠𝐸𝐸𝐸𝐸_𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑑𝑑𝑢𝑢𝑎𝑎𝑛𝑛 = 𝑅𝑅𝑠𝑠𝑟𝑟𝐿𝐿𝑚𝑚𝑠𝑠𝑟𝑟𝑎𝑎𝑛𝑛 − �̅�𝑥𝑅𝑅𝑠𝑠𝐿𝐿𝑠𝑠𝐿𝐿𝑢𝑢𝑠𝑠𝑓𝑓𝑠𝑠𝑎𝑎𝐿𝐿𝑛𝑛𝑠𝑠 ,      (4.2) 

where �̅�𝑥 is the average fraction of the side resistance in liquefiable layers, which is degraded during 

liquefaction. The WSDOT approach suggests Equations 4.3 and 4.4: 
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𝐷𝐷𝑟𝑟𝑎𝑎𝐷𝐷 𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑 = 𝑅𝑅𝑠𝑠𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛+𝑅𝑅𝑠𝑠𝐸𝐸𝐸𝐸_𝑟𝑟𝑟𝑟𝑟𝑟𝑛𝑛𝑑𝑑𝑟𝑟𝑛𝑛𝑛𝑛
2

= 𝑅𝑅𝑠𝑠𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛+�𝑅𝑅𝑠𝑠𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛𝑛−�̅�𝐸𝑅𝑅𝑠𝑠𝐿𝐿𝑛𝑛𝐿𝐿𝑟𝑟𝑟𝑟𝑓𝑓𝑛𝑛𝑛𝑛𝐿𝐿𝑛𝑛𝑟𝑟�
2

. (4.3) 

Substituting Equation (4.2) into (4.3) drag load is calculated as: 

 𝐷𝐷𝑟𝑟𝑎𝑎𝐷𝐷 𝐿𝐿𝑓𝑓𝑎𝑎𝑑𝑑 = 𝑅𝑅𝑠𝑠𝑟𝑟𝐿𝐿𝑚𝑚𝑠𝑠𝑟𝑟𝑎𝑎𝑛𝑛 −
�̅�𝐸
2
𝑅𝑅𝑠𝑠𝐿𝐿𝑠𝑠𝐿𝐿𝑢𝑢𝑠𝑠𝑓𝑓𝑠𝑠𝑎𝑎𝐿𝐿𝑛𝑛𝑠𝑠.     (4.4) 

Equation 4.4 implies that all the side resistance becomes negative and then is recovered by 

half of the degraded side resistance in liquefiable layers. Higher values of �̅�𝑥 would result in lower 

drag loads. The ultimate drag load corresponds to the case of �̅�𝑥 = 0, and �̅�𝑥 = 1 is the assumption 

made in this study for analysis of the long-term after liquefaction cases. Appendix C justifies the 

assumption of �̅�𝑥 = 1 for the unified method, showing that the unified method predicts the highest 

values for drag load and downdrag settlement in case of  �̅�𝑥 = 1. In the NP method, the liquefaction-

induced effects are reflected in both of load and resistance curves and considering the residual 

strength would not lead to a more conservative analysis.  
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Table 4.10. Comparison of Liquefaction-Induced Drag Loads Obtained Using WSDOT 
Approach and Modified Unified Method 

Case History WSDOT Approach  Modified Unified Method 

Juan Pablo II Bridge, Pier 1 1936 kips 1572 kips 

Juan Pablo II Bridge, Pier 5 1852 kips 1453 kips 

Juan Pablo II Bridge, Pier 117 1812 kips 1271 kips 

Juan Pablo II Bridge, Pier 119 1730 kips 1116 kips 

Talley Way Interchange Pier 1 2528 kips 1515-(2934)* kips 

Talley Way Interchange Pier 2 1942 kips 1811-(2394)* kips 

NE 139th St Bridge Pier 1 1309 kips 325-(604)* kips 

NE 139th St Bridge Pier 2 3490 kips 778-(1497)* kips 

NE 139th St Bridge Pier 3 4374 kips 424 kips 

NE 139th St Bridge Pier 4 3951 kips 631 kips 

NE 139th St Bridge Pier 5 4530 kips 448 kips 

NE 139th St Bridge Pier 6 5827 kips 521 kips 

NE 139th St Bridge Pier 7 6103 kips 741 kips 

NE 139th St Bridge Pier 8 4940 kips 670 kips 

NE 139th St Bridge Pier 9 4451 kips 778 kips 

NE 139th St Bridge Pier 10 1289 kips 397-(701)* kips 

*The values in parentheses are based on the discussion given in Section 4.4. 
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CHAPTER 5: CONCLUSIONS AND RECOMMENDATIONS 

5.1. CONCLUSIONS 

The downward relative movement of overlying soil layers around deep foundations induces 

shear stress along drilled shafts and changes the axial load distribution on them. Depending on the 

site conditions, the changes in the axial responses that result from liquefaction-induced settlement 

can have a significant impact on the performance of drilled shafts and piles in seismic regions. 

This study presents an analytical method to quantify the effects of liquefaction-induced downdrag 

on piles and drilled shafts.  

The analytical method is based on the NP method that was developed originally for clays 

but has been modified to account for liquefaction-induced effects. This method assumes that the 

soil settlement equals the pile settlement at the NP location and that the load transfer during 

liquefaction within the liquefied layer during an earthquake is nearly zero. In this study, the NP 

method was applied to an observed case of downdrag during the 8.8 magnitude earthquake in 

Maule, Chile. The proposed unified method for drilled shafts was able to predict the downdrag 

settlement observed at the site. Numerical simulations of the liquefaction-induced downdrag were 

performed using OpenSees software to verify the key assumptions used in the analytical method. 

The developed procedure also is illustrated for two field cases of drilled shafts in liquefiable soils 

in Washington State.  

 Two different analysis methods are discussed in this report for comparative purposes (see 

Section 3.3.1): 

• Case I: No negative side resistance develops before liquefaction. This method is preferred 

by AASHTO. 



 

83 
 

• Case II: Negative side resistance develops along the shaft. This study recommends 0.4 in. 

downdrag settlement before liquefaction.   

This study reached the following conclusions. 

• The analysis results for a pier supporting the Juan Pablo II Bridge (Section 3.4) and for 

both piers at the Talley Way interchange structure (Section 4.2) indicate that both Case I 

and Case II analyses would result in practically the same downdrag settlements and drag 

loads.  

• The analysis results for the bridge piers at the NE 139th St. interchange (Section 4.3) 

indicate that downdrag settlement was not significant at this site. However, the drag load 

might be the controlling parameter in this case for liquefaction-induced downdrag analysis. 

All the drag loads calculated using Case II analysis are larger than those calculated using 

Case I analysis for this site. This finding indicates that Case II analysis is more conservative 

in terms of drag loads calculated for shafts than Case I analysis. 

• When a liquefiable layer is located below the shaft tip, the pile and soil systems above this 

liquefiable layer will move together. In this case, the liquefaction-induced downdrag 

settlement should be added to the settlement caused by compression of the liquefiable 

zones below the shaft tip to find the total liquefaction-induced settlement. The drilled shafts 

discussed in Chapter 3 for the Juan Pablo II Bridge are likely to experience such settlement 

(see Section 3.4.3).  

• Based on Case II analysis, the magnitude of the liquefaction-induced downdrag settlement 

depends on the location of the liquefiable layers (above the NP, below the NP, and below 

the pile tip).  

o If a liquefiable layer is located above the NP, liquefaction-induced downdrag 

settlements are negligible. In this case, however, very large drag loads could cause 
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structural failure of the shafts rather than settlement-induced failure of the structure. 

All Case II analysis results for the drilled shafts in the NE 139th St. interchange, 

except Piers 1, 2, and 10, are examples of this condition (see Appendix B). 

o When a liquefiable layer is located below the NP, liquefaction-induced downdrag 

effects occur as a result of changes to the NP location. The side resistance value of 

the shaft during liquefaction will drop to zero momentarily throughout the 

liquefiable layers. The lost positive side resistance (from layers below the NP) 

transfers to the tip resistance, which causes downdrag settlement. After 

liquefaction, with time, the drag load increases along with the development of 

negative shaft resistance because of the relative settlement of the soil with respect 

to the drilled shaft. The NP location after liquefaction would be lower than the case 

before liquefaction that corresponds to higher values of negative side resistance or 

drag load. All of the Case II analysis results for the drilled shafts at the Juan Pablo 

II Bridge are examples of this condition (see Appendix B). 

o If some layers are above the NP and some layers are below the NP, in order to have 

a conservative liquefaction-induced downdrag design, the liquefiable layers above 

the NP might not be considered liquefied during an earthquake (see Section 4.4). 

• The need for using residual strength when pore pressure is not fully dissipated does not 

arise when using the NP analysis (see Appendix C). 

• The calculated drag loads on drilled shafts that are based on the modified unified method 

are lower than the drag loads predicted using the current approach adopted by WSDOT 

(see Section 4.5).  

• If downdrag settlement before liquefaction is unlikely to happen, Case I analysis can be 

performed with no further consideration. Although the results from the different case 
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studies reveal no significant difference in terms of downdrag settlement between Case I 

and Case II analyses, the predicted drag loads are higher when using Case II analysis 

compared to Case I analysis. 

 
5.2. RECOMMENDATIONS  

• This study focused on single piles, but most of the applications for pile foundations are for 

pile groups. Extending this liquefaction-induced analysis for pile groups therefore is 

recommended.  

• This study’s approach assumes that tip resistance develops mainly after the side resistance 

is fully mobilized to its capacity, and only the q-z function (tip resistance-vertical 

movement of the shaft) is utilized. This assumption represents a simplified approach, but 

it provides a very good estimation because the side resistance fully develops along the shaft 

when only 10 percent of the tip resistance is mobilized (O'Neill and Reese 1999). Using 

both the q-z and t-z functions (side resistance and vertical movement of the shaft) would 

be more realistic to capture the load distribution along the shaft.   

• This study considered liquefaction-induced downdrag, which is associated with earthquake 

shaking. Pile movement involves not only vertical movement but also lateral movement. 

This study recommends that p-y relationships that account for lateral movement should be 

incorporated in future analysis. A complete model that accounts for vertical soil movement, 

lateral soil movement, and inertial loads would give more insights about pile performance. 
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APPENDIX A: NUMERICAL ANALYSIS OF STRESS AND SETTLEMENT SOIL 
RESPONSES  

A.1 INTRODUCTION 

The neutral plane (NP) analysis presented in Chapter 3 makes the assumption that the pile 

settlement equals the soil settlement at the equilibrium location and that the load transfer during 

liquefaction within the liquefied layer is nearly zero. This assumption is in contrast with that of 

Wang and Brandenberg (2013) who assume that the relative velocity between the pile and the soil 

is zero at the NP location. In order to examine the validity of the assumptions for liquefaction, a 

numerical simulation of the downdrag problem was conducted for this study using finite element 

analysis. 

OpenSees (Open System for Earthquake Engineering Simulation) is a widely used finite 

element software package in earthquake geotechnical engineering that has been made available as 

an open source for users. Many solution procedures and algorithms are available in OpenSees to 

solve linear and nonlinear structural and geotechnical problems under static or dynamic loading. 

OpenSees uses a fully programmable scripting language, tcl (tool command language), to define 

models, analysis steps, and output results (OpenSees 2014). OpenSees often is used by 

geotechnical engineers to predict ground surface motions in order to develop design response 

spectra, evaluate dynamic stresses and strains of liquefaction hazards, and determine earthquake-

induced forces (Kramer 1996). However, this study focused on the use of numerical analysis to 

predict stress and settlement responses in order to verify the downdrag analysis method developed 

in Chapter 3. A soil profile was idealized using a two-dimensional single column in OpenSees, 

and then the profile was subjected to ground motion. 
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A.2 SOIL MODELING  

In order to facilitate the numerical modeling procedure, the soil profile of the Juan Pablo 

II Bridge region (Chapter 3) was idealized into three subsoil layers, i.e., medium-dense sand, loose 

sand (potentially liquefiable), and dense sand, as shown in Figure A.1. The groundwater table is 

located at the ground surface. For purposes of finite element modeling, the entire profile is 

represented by a single column composed of the three layers, as shown on the left-hand side of 

Figure A.1. 

 

Figure A.1. Soil column modeling for stress and settlement analyses.  

  The soil domain was discretized using multiphase 9-node quadrilateral plane strain 

(Nine_Four_Node_QuadUP) elements, as shown in Figure A.2. The four corner nodes have three 

degrees-of-freedom (DOFs) each: DOFs 1 and 2 for solid displacements (u) and DOF 3 for fluid 
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pressure (p). The other five nodes have two DOFs each for solid displacements. This element is 

based on Biot’s theory of a porous medium that captures the dynamic response of solid-fluid fully 

coupled material (Yang and Elgamal 2008). The soil profile was discretized into 0.2-m elements 

for a total of 200 elements. 

 

Figure A.2. Solid-fluid fully coupled (u-p) plane strain 9-4 node element. 

 

The soil elements were considered to be elasto-plastic and were input to a model developed 

by Elgamal and his colleagues (i.e., Yang and Elgamal 2008). This model employed the multi-

yield surface (nested surfaces) concept proposed by Iwan (1964) (Figure A.3) with a Drucker–

Prager type yield surface to account for pressure dependency (PressureDependMultiYield02, or 

PDMY02). This model has been shown to be effective in simulating the essential response 

characteristics of pressure-sensitive soil materials under general loading conditions (Yang and 

Elgamal 2008). Sands or silts typically exhibit dilatancy (shear-induced volume contraction or 

dilation) and non-flow liquefaction (cyclic mobility) under monotonic or cyclic loading. In this 

model, emphasis is placed on controlling the magnitude of cycle-by-cycle permanent shear strain 

accumulation in clean medium-to-dense sands (Figure A.4). A non-associative flow rule was 

adopted to reproduce the observed dilation (Lu et al. 2011). Solid-fluid fully coupled elements 
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with low permeability values can be used to simulate the soil behavior under fully undrained 

conditions. Note that OpenSees also has a PressureIndependMultiYield (PIMY) material (J2 type) 

in which plasticity exhibits only in the deviatoric stress-strain response. The latter model is useful 

for clays and thus is not used here. The model parameters for the PDMY02 material are given in 

Table A.1, and their descriptions are provided in Section A.3. 

 

Figure A.3. Multi-yield surfaces in principal effective stress space and deviatoric plane (after 

Prevost 1985, Parra 1996, and Yang 2000). 
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Figure A.4. Shear effective confinement and shear stress-strain response (Yang and Elgamal 

2002, Yang et al. 2003). 
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Table A.1. Soil Model Parameters 

Parameters Layer 1 Layer 2 Layer 3 
Tag 1 2 3 
nd 2 2 2 
Packing type Dense Loose Medium-dense 
Rho, ρ (ton/m3) 2.3 1.85 2.06 
Ref Pressure, p'r (kPa) 100 100 100 
Permeability Coeff (m/s) 1.0E-02 6.6E-05 1.0E-02 
Shear Wave Vel, Vs (m/s) 240 156 232 
Ref Shear Modul, Gr (kPa) 1.32E+05 44.8E+03 1.12 E+05 
Ref Bulk Modul, Br (kPa) 3.98E+05 1.34E+05 2.98E+05 
Friction Ang, Ф (Deg) 37.2 25 45 
Peak Shear Strain, ɣmax 0.1 0.1 0.1 
Pressure Depend Coeff, d 0.5 0.5 0.5 
PT Angle, ФPT 32.2 20 32.2 
Contraction1 0.001 0.06 0.001 
Contraction2 0.5 5.0 0.5 
Contraction3 0.0 0.2 0.05 
Dilation1 0.4 0.15 0.4 
Dilation2 3.0 3.0 3.0 
Dilation3 0.0 0.0 0.0 
No Yield Surfaces 20 20 20 
Liquefaction1 1.0 1.0 1.0 
Liquefaction2 0.0 0.0 0.0 
Void Ratio, e 0.55 0.76 0.58 

 

A.3 SOIL MODEL PARAMETERS  

This section describes the soil model parameters that are used for PDMY02. This constitutive 

model includes more than fifteen parameters (OpenSees 2014), as listed below: 

• Tag – unique positive integer tag to identify the material  

• nd – number of dimensions 

• rho – saturated soil mass density 

• refPress (p'r) – reference mean effective confining pressure at which Gr, Br, and ɣmax are 

defined 
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• refShearModul (Gr) – reference low strain shear modulus at refPress (p'r) 

• refBulkModul (Gr) – reference bulk modulus at refPress (p'r) 

• frictionAng (Ф) – friction angle at peak strength, in degrees 

• peakShearStra (ɣmax) – octahedral shear strain at which shear strength is reached, specified 

at refPress (p'r) 

ɣoct = 2
3
��εxx − εyy�

2
+ �εyy − εzz�

2
+ (εxx − εzz)2 + 6εxx2 + 6εyy2 + 6εzz2 �

1
2�         [A.1] 

• pressDependCoe (d) – positive constant that defines variations of G and B as a function of 

instantaneous effective confinement p' 

G =  Gr(
p′

pr′
)d                                                                                                                   [A.2] 

B =  Br(
p′

pr′
)d                                                                                                                   [A.3] 

• PTAng (ФPT) – phase transformation angle, in degrees 

• contrac1 – non-negative constant that defines the rate of shear-induced volume decrease 

(contraction) or pore pressure buildup. A larger value corresponds to a faster contraction 

rate. 

• contrac2 – non-negative constant that reflects the dilation history of the contraction 

tendency (accounts for fabric damage) 

• contrac3 – non-negative constant that reflects the Kσ effect (overburden stress effect) 

• dilat1 – non-negative constant that defines the rate of shear-induced volume increase 

(dilation). Larger values correspond to a faster dilation rate. 

• dilat2 – non-negative constant that defines the rate of shear-induced volume increase 

(dilation). A larger value corresponds to a faster dilation rate (accounts for fabric damage) 

• dilat3 – non-negative constant that reflects the Kσ effect (overburden stress effect) 
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• liquefac1 – parameter that controls the mechanism of liquefaction-induced perfectly plastic 

shear strain accumulation, i.e., cyclic mobility. liquefac1 defines the effective confining 

pressure below which the mechanism is in effect. Smaller values should be assigned to 

denser sands.  

• liquefac2 – parameter that defines the maximum amount of perfectly plastic shear strain 

developed at zero effective confinement during each loading phase. Smaller values should 

be assigned to denser sands. 

• liquefac3 – parameter that defines the maximum amount of biased perfectly plastic shear 

strain γb that accumulates at each loading phase under biased shear loading conditions, as 

γb=liquefac2*liquefac3. Typically, liquefac3 takes a value between 0.0 and 3.0. Smaller 

values should be assigned to denser sands. 

• noYieldSurf – number of yield surfaces 

• cs1, cs2, cs3 – parameters that define a straight critical-state line, ec in e-p' space 

ec = cs1 − cs2 log �p
′

pa
�          if cs3 = 0                                                                        [A.4] 

ec = cs1 − cs2 �p
′

pa
�
cs3

         if cs3 ≠ 0                                                                          [A.5] 

where pa is the atmospheric pressure for normalization. 

• e – initial void ratio 

• c – cohesion 

A.3 GROUND MOTIONS 

Ground motions were recorded at two locations in the city of Concepcion in Chile. One 

ground motion was located at Colegio Inmaculada Concepcion (36.8281˚S, 73.0483˚W), and the 

other was located at Colegio San Pedro de la Paz (36.8442˚S, 73.1087˚W). The station at Colegio 

San Pedro de la Paz was closer to the Juan Pablo II Bridge than the other location and had 
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representative strong records based on epicentral distance (de) 109.1 km, hypocentral distance (dh) 

114.6 km, distance to the surface projection of the fault (dsp) 0.0 km, and distance to the rupture 

plane (drup) 36.4 km. Acceleration history values were recorded in two horizontal directions, north-

south (NS) and east-west (EW), and in one vertical direction. The peak ground acceleration 

recorded was about 0.65 g in the NS direction (Boroschek et al. 2012). Figure A.5 shows the 

recorded horizontal acceleration component and its corresponding velocity and displacement 

profile in the NS direction. 
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Figure A.5. Time history values of acceleration, velocity, and displacement for the recorded 

ground motion at the station at Colegio San Pedro de la Paz. 

A.4 LOAD AND BOUNDARY CONDITIONS  

In the  finite element model, the bottom nodes are fixed against the vertical translation. The 

equalDOF command is employed for the nodes that have the same vertical location in order to 

have equal translational DOFs. The pore pressure DOFs of the corner nodes do not  use equalDOF, 

as it was found to cause problems in the analysis (OpenSees 2014). The finite rigidity of the 
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bedrock is taken into account through a Lysmer-Kuhlemeyer dashpot (1969) and modeled through 

a zeroLength element and the viscous uniaxial material (OpenSees 2014).  

The dashpot coefficient is the product of the mass density and shear wave velocity of the 

bedrock. The dashpot material is defined using the dashpot coefficient and the base area of the soil 

column. A horizontal force time history, which is proportional to the known velocity time history 

of the ground motion, is applied at the base of the soil column (corner node). The horizontal force 

time history is applied as a Path TimeSeries object (OpenSees 2014). The force history is a function 

of the velocity time history, base area of the soil column, and dashpot coefficient. The area of the 

soil column is included to ensure proportional loading for any desired horizontal element size.  

 Rayleigh damping parameters were considered in this analysis. Load magnitudes equal to 

gravity components (vertical, horizontal, inclined) were used to account for gravity. The analysis 

was implemented in two stages: first by gravity analysis to ensure equilibrium and then by post-

gravity analysis (application of earthquake excitation). The permeability of the elements was 

adjusted in between the analysis stages to maintain hydrostatic conditions after the application of 

the gravity loads. Each stage of the analysis consisted of separate recorders. The analysis also 

included penalty constraints, a norm displacement increment test to check for convergence at the 

end of the iteration steps, and a Krylov-Newton algorithm to solve nonlinear equations (OpenSees 

2014). The following section presents the outputs of the soil column analysis.  

 

A.5 RESULTS AND ANALYSIS  

Figures A.6 and A.7 present the time history values of acceleration for the recorded ground motions 

for the site and within the liquefied layer and at the ground surface, respectively. Compared with 

the base motion (Figure A.5), the observed amplitudes of each of the parameters changed the effect 

of the soil. 
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Figure A.6. Acceleration history at ground surface.  
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Figure A.7. Acceleration history in the middle of the liquefied layer. 

Figure A.8 illustrates the development of the pore pressure ratio (ru) in terms of the applied 

time history within the liquefied layer at a depth of 14.5 meters. A layer is considered to be in a 

liquefied state when the pore pressure ratio reaches unity. Figure A.8 shows that the layer remained 

liquefied for about 80 s, beginning at about 40 s and ending at 120 seconds. Similar plots of pore 

pressure ratio with time can be plotted for other depths as well.  
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Figure A.8. Pore pressure ratio development within liquefied layer (at depth of 14.5 m) with 
time. 

Figure A.9 presents the variation in pore pressure ratios with depth for different times (44 

s, 52 s, 62 s, 65 s). The loose layer that is prone to liquefaction can be identified clearly in this 

plot. On the other hand, the top layer, which consists of  medium-dense sand, does not develop 

much pore pressure whereas the upper portion of the bottom layer (dense sand) has developed a 

certain level of pore pressure, perhaps due to the strong shaking at its base. 
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Figure A.9. Pore pressure ratio distribution with depth. 

 

Figure A.10 presents the variations in effective stress with depth for the various times (1 s, 

44 s, 52 s, 62 s, 65 s). The effective stress profile at 1 second corresponds closely to the initation 

of earthquake shaking. The effective stress is seen to decrease progressively with the development 

of excess pore pressure and nearly reaches zero within the liquefied layer. Figure A.10 also shows 

that the load transfer during liquefaction is almost zero. This pattern is similar to that observed in 

the field tests conducted by Rollins and Strand (2008).  
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Figure A.10.  Effective stress pattern within the soil deposit during shaking. 

 

Figure A.11 presents the variations in the soil settlement pattern with depth at different 

times (44 s, 52 s, 62 s, 65 s, 227 s). The first four times represent the settlement progress during 

liquefaction and the final time (227 s) gives the final soil settlement (post-liquefaction) at the end 

of shaking. The soil settlement is relatively small near the base layers and then increases upwards 

to the lower side of the liquefied layer. The settlement is then seen to increase substantially  within 

the liquefied layer due to the loss of stiffness and softening. This settlement is transferred to the 

surface settlement, as seen from the vertical profile. The soil settlement and effective stress 

distributions within the pile embedment length were used to estimate the axial load distribution 

and downdrag of the pile.  
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Figure A.11. Soil settlement pattern within the soil deposit during shaking.  

 

A.6 PILE MODELING  

A finite element model based on the so-called ‘beam on a nonlinear Winkler foundation’ 

was developed for the OpenSees finite element platform (OpenSees 2014). Figure A.12 presents a 
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the soil springs. TzSimple1 and TzLiq1 are the material models for non-liquefaction conditions and 

liquefaction conditions, respectively. The input parameters for TzSimple1 are (1) ultimate capacity 

(tult) of the t-z material, (2) displacement (z50) at which 50 percent of the tult is mobilized during 

monotonic loading, (3) a viscous damping term (cdash), and (4) two types of backbone relationships 

for soil types as derived by Reese and O’Neill (1987) and Mosher (1984), respectively. TzLiq1 

inherits TzSimple1 and modifies its responses based on excess pore pressure during seismic 

loading (Boulanger et al. 2003). 

 

Figure A.12. Schematic diagram of finite element model. 

 The q-z material for the non-liquefaction condition is QzSimple1. The input parameters for 

the q-z material are (1) ultimate capacity (qult) of the q-z material in compression loading, (2) 

displacement (z50) at which 50 percent of the tult is mobilized during monotonic loading, (3) a 

viscous damping term (cdash), (4) Vijayvergiya’s (1977) backbone relationship for piles in sand 

and Reese and O’Neill’s (1987) relationship for drilled shafts in clay, and (5) an argument for 

pile toe uplift resistance (Boulanger et al. 2003). 
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A.7 DRAG LOAD CALCULATIONS  

The soil deposit used here consists of three sandy soil layers: medium-dense sand (12 m), 

loose sand (3 m), and dense sand (25 m). The interface friction angles for the loose, medium, and 

dense sand were chosen to be 29˚, 30˚, and 31˚, respectively. Soil settlement and effective stress 

were applied at the free end of the spring elements. A dead load of 12,500 kN was applied at the 

pile head using a plain load pattern (OpenSees 2014). This analysis also was implemented in two 

stages as in the previous case of soil column analysis. It also included penalty constraints, a norm 

displacement increment test to check for convergence at the end of the iteration steps, and the 

Newton algorithm to solve the nonlinear equations (OpenSees 2014).  

 

 

Figure A.13. Axial load distribution due to liquefaction-induced downdrag.
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APPENDIX B: DOWNDRAG ANALYSIS FOR WSDOT CASE STUDIES 

 

This Appendix B summarizes the liquefaction-induced downdrag analyses for the case studies 

in Chapters 3, and 4. Figures B-1 to B-4 show the analysis results for Pier 1 and 2 at the I-5/SR 

432 Talley Way interchange. These analyses were performed for the two Cases introduced in 

Section 3.3.1:  

• Case I: No negative side resistance develops prior to liquefaction. 

• Case II: Negative side resistance develops along the shaft based on 0.4-inch downdrag 

settlement before liquefaction.    

The load and resistance curves before and immediately after liquefaction are shown at the top 

left of Figures B-1 to B-4. The load distributions for the short-term and long-term conditions are 

shown at the top right of the figures. The load and settlement curves for tip resistance and tip 

penetration are shown at the bottom right of each figure. Once the load distribution and load and 

settlement curves are obtained, the downdrag settlements for the short-term, long-term before and 

after liquefaction, and ultimate downdrag (negative side resistance all along the shaft) conditions 

can be calculated; Figures B-1 to B-4 present these values. 

Figures B-5 and B-6 show two sections of the bridge profile with the location of the piers and 

the available in situ test results for the NE 139th Street near the I-5/I-205 interchange. Tables B-1 

through B-10 summarize the soil profiles under each pier. Figures B-7 through B-23 present the 

analysis results for the drilled shafts for Piers 1 through 10 in this case study. Figures B-24 through 

B-31 serve to summarize the analyses for Juan Pablo II Bridge Piers 1-2, 5-6, 117-118, and 119-

120.
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Figure B-1. I-5/SR 432 Talley Way interchange Pier 1: Case I.  
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Figure B-2. I-5/SR 432 Talley Way I-5 interchange Pier 1: Case II. 
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Figure B-3. I-5/SR 432 Talley Way interchange Pier 2: Case I. 
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Figure B-4. I-5/SR 432 Talley Way interchange Pier 2: Case II. 
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Figure B-5. Bridge profile of the NE 139th Street near the I-5/I-205 interchange 
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Figure B-6. Bridge profile of the NE 139th Street near the I-5/I-205 interchange  
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Table B-1. Soil profile under pier 1 

 

Table B-2. Soil profile under pier 2 

 

Table B-3. Soil profile under pier 3 

 

 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Clay 4 19 No 56 
2 Sand 5 17 Yes 56 
3 Sand 5 6 Yes 56 
4 Sand 10 1 Yes 56 
5 Sand 5 10 Yes 56 
6 Sand 10 2 Yes 56 
7 Sand 10 10 Yes 56 
8 Sand 5 5 Yes 56 
9 Clay 5 26 No 56 
10 Sand 71 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 7 23 No 56 
2 Sand 7 7 Yes 56 
3 Clay 3 1 No 56 
4 Sand 12 4 Yes 56 
5 Sand 10 11 Yes 56 
6 Sand 15 20 Yes 56 
7 Sand 5 27 No 56 
8 Sand 71 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 12 6 Yes 56 
2 Sand 5 9 Yes 56 
3 Sand 2 4 Yes 56 
4 Sand 15 6 Yes 56 
5 Sand 10 4 Yes 56 
6 Clay 10 7 No 56 
7 Clay 10 49 No 78 
8 Sand 66 50 No 78 
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Table B-4. Soil profile under pier 4 

 

Table B-5. Soil profile under pier 5 

 

Table B-6. Soil profile under pier 6 

 

  

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 8 20 Yes 56 
2 Sand 16 1 Yes 56 
3 Sand 17 10 Yes 56 
4 Sand 10 20 Yes 56 
5 Clay 3 24 No 56 
6 Sand 5 32 No 78 
7 Sand 71 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 4 32 No 56 
2 Sand 8 12 Yes 56 
3 Sand 12 2 No 56 
4 Sand 5 24 Yes 56 
5 Sand 5 13 Yes 56 
6 Sand 5 3 Yes 56 
7 Sand 15 7 No 56 
8 Sand 76 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 9 18 Yes 56 
2 Sand 10 6 Yes 56 
3 Sand 2 38 No 56 
4 Sand 18 5 Yes 56 
5 Sand 5 14 Yes 56 
6 Clay 5 11 No 56 
7 Sand 5 23 Yes 78 
8 Sand 76 50 No 78 
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Table B-7. Soil profile under pier 7 

 

Table B-8. Soil profile under pier 8 

 

Table B-9. Soil profile under pier 9 

 

 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 13 12 Yes 56 
2 Sand 5 6 Yes 56 
3 Sand 5 34 No 56 
4 Sand 7 8 Yes 56 
5 Sand 20 10 Yes 56 
6 Clay 5 42 No 78 
7 Sand 5 37 No 78 
8 Sand 70 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 12 2 Yes 56 
2 Sand 2 13 Yes 56 
3 Sand 20 6 Yes 56 
4 Sand 5 18 Yes 56 
5 Clay 5 11 No 56 
6 Sand 5 20 Yes 78 
7 Sand 15 50 No 78 
8 Sand 66 50 No 78 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 4 22 No 56 
2 Sand 3 50 No 56 
3 Sand 10 8 Yes 56 
4 Sand 7 2 Yes 56 
5 Sand 10 20 Yes 56 
6 Sand 20 5 Yes 56 
7 Sand 5 12 Yes 56 
8 Sand 71 50 No 76 
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Table B-10. Soil profile under pier 10 

 

Layer Soil Type Layer Thickness (ft) (N1)60 Liquefiable? Eff. Unit Weight (pcf) 
1 Sand 8 24 No 56 
2 Sand 6 4 Yes 56 
3 Sand 5 9 Yes 56 
4 Sand 5 3 Yes 56 
5 Sand 10 12 Yes 56 
6 Sand 20 5 Yes 56 
7 Clay 5 7 No 56 
8 Sand 71 50 No 78 
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Figure B-7. SR 5 139th St NE Bridge Pier 1: Case I.  
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Figure B-8. SR 5 139th St NE Bridge Pier 1: Case II.   
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Figure B-9. SR 5 139th St NE Bridge Pier 2: Case I.   
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Figure B-10. SR 5 139th St NE Bridge Pier 2: Case II.   
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Figure B-11. SR 5 139th St NE Bridge Pier 3: Case I.   
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Figure B-12. SR 5 139th St NE Bridge Pier 3: Case II.   
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Figure B-13. SR 5 139th St NE Bridge Pier 4: Case I.   
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Figure B-14. SR 5 139th St NE Bridge Pier 4: Case II.   
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Figure B-15. SR 5 139th St NE Bridge Pier 5: Case I.   



 

B-21 
 

 

Figure B-16. SR 5 139th St NE Bridge Pier 5: Case II. 
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Figure B-17.  SR 5 139th St NE Bridge Pier 6: Case I.  
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Figure B-15. SR 5 139th St NE Bridge Pier 6: Case II.   
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Figure B-16. SR 5 139th St NE Bridge Pier 7: Case I.  
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Figure B-17. SR 5 139th St NE Bridge Pier 7: Case II.   
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Figure B-18. SR 5 139th St NE Bridge Pier 8: Case I.  
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Figure B-19. SR 5 139th St NE Bridge Pier 8: Case II. 
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Figure B-20. SR 5 139th St NE Bridge Pier 9: Case I.   
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Figure B-21. SR 5 139th St NE Bridge Pier 9: Case II.   
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Figure B-22. SR 5 139th St NE Bridge Pier 10: Case I. 
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Figure B-23. SR 5 139th St NE Bridge Pier 10: Case II.  
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Figure B-24. Juan Pablo II Bridge Piers 1 and 2: Case I. 
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Figure B-25. Juan Pablo II Bridge Piers 1 and 2: Case II. 
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Figure B-26. Juan Pablo II Bridge Piers 5 and 6: Case I. 
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Figure B-27. Juan Pablo II Bridge Piers 5 and 6: Case II. 
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Figure B-28. Juan Pablo II Bridge Piers 117 and 118: Case I. 
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Figure B-29. Juan Pablo II Bridge Piers 117 and 118: Case II. 
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Figure B-30. Juan Pablo II Bridge Piers 119 and 120: Case I. 
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Figure B-31. Juan Pablo II Bridge Piers 119 and 120: Case II.  



 

C-1 
 

APPENDIX C: NEUTRAL PLANE METHOD AND THE POSSIBLE NEED TO USE 
RESIDUAL STRENGTH IN LIQUEFIED LAYERS  

 

The American Association of State Highway and Transportation Officials (AASHTO) 

(2014) recommends the use of residual strength in liquefiable layers for the explicit method of 

design, as discussed in Chapter 2. Here we discusses the possible need for implications regarding 

the use of residual strength on neutral plane (NP) method. 

The side resistance of a drilled shaft is a function of the excess pore water pressure ratio, ru, 

as shown in fs = σvo′ Ko tan(δ)(1− ru) (Boulanger and Brandenberg 2004). At the moment of 

initial liquefaction ru equals 1; this value will gradually decrease to zero as the excess pore water 

pressure dissipates. The corresponding effect on the shaft will be dependent on the location of the 

liquefiable layer with respect to the NP. 

Figure C.1 presents the variations in the load and resistance curves for the case when ru = 1 

(Line 1), during pore pressure dissipation (Line 2), and after complete dissipation (Line 3) for the 

case when the liquefiable layer is above the NP. Note that the dashed lines represent the load and 

the solid lines represent resistance. Because tip resistance will not be affected when the liquefiable 

layer is above the NP, no change in settlement will occur at any time. However, the drag load would 

decrease during seismic action and as the excess pore pressure increases to ru = 1. Also, the drag 

load would revert to the static condition, as shown schematically in Figure C1 (a). So, the maximum 

drag load would remain the same as it is in the static condition.  
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Figure C.2 presents the variations in the load and resistance curves for the case when ru = 1 

(Line 1), during pore pressure dissipation (Line 2), and after complete dissipation (Line 3) for the 

case when the liquefiable layer is below the NP. As in Figure C1, the dashed lines represent the 

load and the solid lines represent resistance. The tip resistance for this case will increase during 

seismic action until ru = 1, but will remain constant at this value during excess pore pressure 

dissipation and even after complete dissipation. The downdrag settlement would correspond to the 

increased tip resistance. For this case, the drag load would increase and reach its maximum value 

when ru = 0.   

Clearly, this discussion suggests that the need for residual strength does not arise when the 

pore pressure is not fully dissipated when using NP analysis. The most critical condition for 

liquefaction-induced drag load and downdrag settlement on deep foundations is when the excess 

pore pressure has fully dissipated. 

The same discussion holds if the side resistance of shaft decrease because of the 

liquefaction-induced effects and changes the soil properties after fully dissipation of pore water 

pressure. In the NP method, the liquefaction-induced effects are reflected in both of load and 

resistance curves and considering the residual strength would not lead to a more conservative 

analysis.  
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Figure C.1. Comparison of drag loads (DLs) during and after liquefaction when the liquefiable 

layer is above the neutral plane (NP). 
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Figure C.2. Comparison of drag loads (DLs) during and after liquefaction when the liquefiable 

layer is below the neutral plane (NP). 
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